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FOREWORD

Most of this report, especially Chapter 2, was written during 1967,

and represents the writer's view of the state-of-the-art as the writer saw

it at that time.

In 1967, the uriter was very concerned about an apparent trend toward

developing ever more complex computer codes while failing to use existing

computer codes to understand important cause and effect relations and to

ascertain the effect of uncertainties in the input on the nature of the

computed results. The emphasis of Chapter 2, and many of the specific com-

ments, reflected this concern. The writer quite frankly felt that the comrn

puter code development, as it was apparently being followed, was largely an

academic exercise, that quite likely it would be impossible to rely on the

codes for design predictions, aid that designs would still have to be based

on very simple prediction equations together with a large dose of judgment.

The writer has been "out of the business" since 1967, but from vari-

ous conversations it appears that he may have been wrong in his assessment

of the trends in computer code development and utilization. Apparently

there has developed a close cooperation between experienced soil engineers

and the developers and users of complex computer codes. Apparently there

is also now a recognition of the need to make, in connection with specific

design projects and field experiments, a series of computer runs so as to

bracket the effect of uncertainties in the input and assumptions. If these

statements do reflect the current situation, then some of the statements in

this report may happily be out-of-date.

However, the writer still does bvlieve in the necessity of developing

improved but simple and approximate prediction techniques which do not re-

quire use of a computer for each application. Such techniques (or
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equations or rules) are needed for small design projects where co-iplex

expensive analysis is not justified and for preliminary analysis of large

design pr~jects. One of the main objectives of calculations using complex

computer codes mus'-, fe to provide the insights and understandings upon

which such simple rules (and statements regarding the limitations of these

rules) can be based. Section 2.4.2 is an attempt to use theoretical re-

sults available as of 1967 to identify and understand the key features of

airblast-induced ground motion and to assess the accuracy and limitations

of the simple predictio%, methods described in Section 2.4.4. The writer

urges those now active in generating new theoretical results to extend and

complete the synthesis started in Sections 2.4.2 and 2.4.3.

This report is the 26th in a series of reports prepared by Massa-

chusetts Institute of Technology (MIT) under contract with the U. S. Army

Engineer Waterways Experiment Station (WES). The report was prepared by

Dr. Robert V. Whitman, Professor of Civil Engineering, MIT. Helpful com-

ments and guidance were provided by Messrs. R. W. Cunny, J. G. Jackson, Jr.,

R. C. Sloan, P. F. Hadala, and Dr. J. S. Zelasko, Soils Division, WES.

At the time of publication of this report, COL Levi A. Brown, CE,

was Director of WES, and Kt%. F. R. Brown was Technical Director.
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ABSTRACT

This report, the 26th in a series of reports prepared under contract

by MIT, deals with the role of soil mechanics with regard to weapons ef-

fects predicticn and protective construction design. It assesses the

state-of-the-art as of 1967, and summarizes all the research performed

under the contract as well as contributions by other investigators. Re-

sults from field experiments uý.nd theoretical analyses are-interpreted so as

to show the relation between soil properties and such phenomena as crater

size and shape; ground motions, and response of buried structures. Chap-

ters deal specifically with the evaluation of dynamic uniaxial strain and

dynamic shear strength, and with the relation between seismic wave velocity

and soil properties. Appendix A contains abstracts of the 25 earlier re-

ports issued under the contract. Appendix B gives a brief history of the

MIT soil dynamics contract.
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CONVERSION FACTOES, BRITISH TO METRIC UNITS OF MEASUREMENT

British units of measurement used in this report can be converted to metric

units as follows:

Multiply By To Obtain

inches 2.54 centimeters

feet 0.3c48 meters

inches per second 2.54 centimeters per second

feet per second 0.3048 meters per second

pounds 0.45359237 kilograms

pounds per square inch 0.070307 kilograms per square
centimeter

pounds per square foot 4.88243 kilograms per r-uare meter

pounds per cubic foot 16.0185 kilograms per cubic meter

kips per square inch 70.307 kilograms per square
centimeter

kilotons 907,185 kilograms

megatons 907,185,000 kilograms

tons per square foot 9,764.86 kilograms per square meter

slugs per cubic foot 515.379 kilograms per cubic meter
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CHAPTER 1 INTRODUCTION

1.1 PURPOSE A]ND SCOPE OF THIS REPORT
This report deals with soil dynamics as it applies to the prediction

of the effects of nuclear weapons and to the design of protective struc-

tures to resist these effects. In particular, this report strives to indi-

cate which properties of soil are important to such tasks, just how these

properties enter into the analyses which are commonly performed in connec-

tion with these tasks, and how numerical values of these properties may be

determined for individual practical problems.I Although mention is made of all aspects of soil dynamics as it applies

to nuclear weapons effects and protective construction, this report is pri-

marily concerned with airblast-induced ground shock and with the effects of
this ground shock upon shallow-buried structures. The content of the re-

port is based principally upon the research performed under the existing

contract, and serves as a final report for that contract.* The report has

also been heavily influenced by the experiences of the writer in the set-

ting of ground motion criteria for the design of protective structures for

the Atlas, Titan, and Minuteman missile systems, and in tht. evaluation and

selection of sites for those facilities. Research results obtained by

other engineers and researchers are included in the discussions in this

report, insofar as they bear upon topics which have been studied by the

writer.

The writer already has undertaken one surmgary of soil dynamics in the

context of nuclear weapons effects and protective structures: Part II

(Soils) of NUCLEAR GEOPLOSICS. In that earlier summary, testing equipment

available for the study of soil during dynamic loadings and measurements

obtained using this equipment were described in great detail. This infor-

mation was then used as a basis for indicating which properties of soil

might be especially important in practical problems.

In this report, the approach is reversed. Chapter 2 discusses, in

* Reports issued under this contract are listed in Appendix A, which pre-
K sents an abstract of each report. Appendix B contains a brief history

of research in soil dynamics at MIT.
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general terms, the ways in which soil properties enter into the prediction

of nuclear wiapons effects and protective construction design. The subse-

quent chapters then discuss three particular aspects of soil behavior which

have been found to be of especially great importance in practical work:

shear strength, compressibility as measured in the oedometer test, and the

velocity of propagation of seismic waves. This report emphasizes the in-

portant general features of soil behavior and practical procedures for

estimating numerical values of these properties for use in particular

problems. The reader is referred to NUCLEAR GEOPLOSICS for more detailed

information.

There is another difference between this report and NUCLEAR GEOPLOSICS:

this report presumes familiarity with the subject matter of soil mechanics,

whereas NUCLEAR GEOPLOSICS was written for a much broader audience.

1.2 WHAT IS SOIL DYNAMICS?

As a body of knowledge, soil mechanics involves: (a) a collection of

facts and interpretations concerning the stress-strain behavior of soil.

together with a set of practical procedures for evaluating the stress-

strain properties to be used in any particular problem; and (b) theoretical

methods for relating the movements within a mass of soil to the applied

loadings &nd boundary conditions, taking into consideration the stress-

strain propertiesi of the soil. Both of these aspects of soil mechanics

have their complications. The stress-strain behavior of soil is extremely

complex. Evaluating stress and strain distributions within a continuum is

also a complex problem--much more difficult than analyzing framed struc-

tures, especially when the continuum is not a linearly elastic material.

Soil dynamics, which is a branch of soil mechanics, is characterized

by two additional- complications: (a) it is necessary to know the stress-

strain behavior of soil during loadings which are rapidly applied and of

short duration, and which are often repeated several times in rapid succes-

sion; and (b) it is necessary to account for the inertia forces which are

developed within a mass of soil.

The stress-strain behavior of soil during rapidly applied loadings is

fundamentally the same as that during ordinary rates of loading, although

--- ---- -- 2



the numerical value of the ratio of stress to strain is generally increas-

ing as the rate of loading increases. In other words, the effect of rapid

loadings is to cause quantitative rather than quaUtative differences.

Certain aspects of stress-strain behavior often assum greater importance

in dynamic problems than in static problems: for example, the energy lost

per cycle of loading, and loss of strength with successive cycles of load-

ing. These aspects can be observed in static stress-strain tests, but

engineers seldom worry about these aspects when dealing with the effects

of static loadings.

On the other hand, the need to account for the effects of Inertia
forces makes dynamic problems 2ualitatively very different from static

problems. That is, the presence of inertia forces generally means that the

whole way of looking at a problem must be changed. New concepts, such as

those associated with wave propagation, must be utilized. It is this as-

pect of soil dynamics which tends to set it apart from the rest of soil

mechanics.

1.3 GENERAL LOOK AT THE STRESS-STRAIN BEHAVIOR OF SOIL

Soil is particulate; i.e. it is composed of a system of discrete min-

eral particles which are more or less free to move relative to one another,

subject to the forces of adhesion and friction between particles and to the

geometric constraints imposed by the arrangement of the particles. Being

particulate, soil is also inherently multiphase. Except when the soil is

in a vacuum, the pore spaces between the mineral particles must be filled

* with some fluid, usually air or water or both, and the interaction between

mineral skeleton and pore phase has great influence upon the stress-strain

behavior of the soil.

Since soil is particulate and thus multiphase, it would be expected

that soil would exhibit complex stress-strain properties: nonlinear, irre-

versible, and time-dependent effects, as well as sensitivity to stress

Jlevel and stress history. Two general aspects of the stress-strain be-

havior of soil are especially important as discussed below.

1.3.1 Behavior D~iring Compression and Shear. The first important

general aspect is the difference in behavior during compression which I
""



produces little shearing action and

Y/IELDING AS compression which produces muchSV) / ~PARTICLES CRUSH ,•"

wCOMPRESSiON shearing action (see fig. 1.1). InW: WORK- HARDENING AS WITH ZERO
PARTICLES COEn TIGHTEN I ZERO both cases the behavior results
PTICLESTCOER TGH LATERAL STRAIN

STTprincipally from relative motions
4 between particles. In the case of a

confined compression, the particles
YIELDING DUEp TOO

RELATIVE SLIP OF COMPRESSION WITH are pushed into progressively
PARL CONSTANT LATERAL tighter packings with their neigh-

-MAXIMUM STRENGTM bors, while during shear the parti-
SAXIAL STRAIN cles are rolled and shoved past

L ELASTIC DEFORMATIONS

AT CONTACT POINTS their neighbors. For small changes

in stress, the behavior during the
Fig. 1.1 Stress versus strain for a two forms of compression is similar.

particulate system
However, large changes in stress

cause quite different kinds of behavior during the two forms of compression.

The type of test chosen to evaluate stress-strain behavior in a given

situation must reflect the type of confinement and magnitude of stress

change expected in that problem.

1.3.2 Hydrodynamic Time Lag. The second important general aspect

arises from the occurrence of relative movement between the mineral skele-

ton and the pore fluid. When a saturated soil is compressed, water tends

to flow out of the soil. However,

certain time is required for this P(t)

movement of water. During a load of

short duration, there may be no flow T--T---'
of water, and hence a soil will com-

press much less during a rapid loading

than it will during a slow loading of

the same magnitude (see fig. 1.2). A 11

I PARTIALLY DINED
The movement of water out of or DRAINM

into soil as the result of some change UNDRAINED LOG T

in the applied load is referred to as
Fig. 1.2 Hydrodynamic time lag in

consolidation or swel.l, respectively, compressibility of soil



and the time required to complete this movement is the hydrodynamic time

lag or consolidation time_. The hydrodynamic time lag of a mass of soil is

a function of (a) type of pore fluid, (b) permeability and compressibility

of the soil, (c) size of the soil mass, and (d) drainage provided along the

boundaries of the soil mass. For a large soil mass typically involved in

practical problems and composed of coarse, granular soil, the consolidation

time will generally be on the order of a few minutes or lese. For a fine-

grained cohesive soil, the consolidation time may range from (.ays To years

to decades, depending upon the size of the soil mass.

The amount of consolidation of a given soil mass during a given load-

ing is controlled by the ratio of the duration of the load to the consoli-

dation time of the soil deposit. The following rules apply:

Time Period
Consolidation Time Condition of Shown inDuration of Load Soil Mass Fig. 1.2

<1i Drained C

»li Undrained A

SPartially drained B

With the rates of loading encountered in ordinary soil engineering work,

deposits of coarse, granular soil usually are fully drained. However, such

a deposit may be only partially dc'ained or even undrained during a dynamic

loading. Fine-grained cohesive soils may be either drained, partially

drained, or undrained during the loadings encountered in ordinary practice.

During dynamic loadings, such soils usually are undrained.

Other types of time-dependent effects are also przsent in soils, but

the hydrodynamic time lag is by far the most important.

1.3.3 Use of Approximate Stress-Strain Rules. In view of the com-

plexity of the st ess-strain behavior of soils, it is not surprising that

there is no one complete description of the stress-strain properties.

Rather, engineers must adopt simplifiec "models" for the behavior of soils.

The model adopted for any particular problem must emphasize the aspects of

soil behavior which are most important to that particular problem. Chap-

ter 2 will indicate some of the "models" for soil behavior which have been
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found particularly useful for problems involving nuclear weapons effects in

protective construction design.

1.4 HERITAGE OF SOIL MECHANICS

1.4.1 Value of Experience. The practice of foundation and earthwork

engineering has acquired the reputation of being an art, in which experi-

ence and judgment are paramount and theory is relegated to a minor role.

To a large extent, of course, the same statement can be made concerning any

branch of engineering, but it is especially true of foundation and earth-

work engineering.

There are indeed sound reasons why experience must play an important

role in foundation and earthwork engineering. Two of these reasons have

already been mentioned: (a) soil has a complex stress-strain behavior, and

(b) soil occurs as a massive continuous body rather than as a simple,

framed structure. Approximations are thus necessary if one wants to esti-

mate the motions which will occur within soil masses, and experience and

judgment are always necessary for the intelligent application of engineer-

ing approximations. Even more important, soil is a natural material sus-

ceptible of large variations from site to site and within a particular

site. The nature of the soil at any site must be revealed by sampling,

which actually "sees" only an infinitesimal portion of the soil at the

site. Often a very thin layer of soil, easily missed by random sampling,

will completely control the engineering behavior of the soil mass. Again,

experience and judgment are necessary when estimating the response of

natural soil deposits.

1.4.2 Role of Theory. On the other hand, theory clearly cannot be

ignored. Only through use of theory can an engineer satisfactorily extrap-

olate his experience to new unprecedented situations (different forms of

loading, different types of design criteria, etc.). New situations of this

type have occurred frequently in the protective construction field within

the past several decades, as well as in other fields in which soil dynamics

plays an important role.

The past practice of soil engineering provides valuable insights into

6



the proper and improper use of theory. There are two general ways in which

theory can properly be applied:

(a) By fitting a theory (which may be either very simple or of any

degree of sophistication) to experience through proper evaluation

of the parameters. This approach does not eliminate uncertainty,

since there is always the question of whether the experience can

properly be extrapolated in this way to the next (and possibly

quite different) situation. Nonetheless, when used with judgment

this is a valid approach. For any new application of the theory,

fairly precise quantitative data will be required regarding the

properties of the soil.

(b) Use of theory to help understand what might happen in a new situ-

ation; i.e., use of theory to investigate the consequences of the

several assumptions which might reasonably be made to blanket the

uncertainties concerning the nature of the soil at a site. This

is generally the approach which must be taken whenever experience

is limited. It is essential that ca- ilations be made in such a

way that there is a clear relation between each assumption and

its effect. For this approach, knowledge of the general features

of stress-strain behavior is essential, together with data to

indicate the possible range of parameters. That is, the data

must be qualitative rather than quantitative.

Experience has also shown that it is improper to make one very complex

calculation using a single set of assumed soil properties. From the quan-

titative standpoint, the results of such a calculation may be vastly in

error because of all the questionable assumptions which inevitably will

have been made. From the qualitative standpoint, the results will not give

clear cause-and-effect relations between each assumption and its conse-

quence, and thus will fail to provide even a basis for engineering judgment.

1.4.3 Application of Experience and Theory. Thus value is derived

from both experience and judgment and the intelligent use of theory. The

challenge in every soil engineering problem is to satisfactorily blend both

of these approaches to arrive at the best possible solution.
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CHAPTER 2 SOIL DYNAMICS AS PERTAINING TO NUCLEAR WEAPONS
EFFECTS AND PROTECTIVE CONSTRUCTION DESIGN

2.] MECHANICAL EFFECTS OF NUCLEAR EXPLOSIONS

A large, near-surface nuclear explosion produces -.hree general mechan-

ical phenomena: (a) formation of a crater; (b) generation of an airblast

wave which sweeps outward over the surface of the earth; and (c) generation

of stress waves within the earth, as a result of energy enteiring the earth

immediately at the point of the explosion (directly induced ground shock)

and also as a result of the loadings of the ground surface by the airblast

wave (airblast-induced ground shock). These three phenomena are depicted

schematically in fig. 2.1. All three are of interest to civil engineers

and are affected in some way by soil dynamics.

CRATER
FORMA 770N -4-AIRBLAsT SWEEPING OUTWARD

OVER SURFACE OF GROUND
EXPLOSION

AIRBLAST-INDUCED
GROUND SHOCK

DIRECTaLr INDUCED
STRESS WAVES

Fig. 2.1 Mechanical effects of near-surface nuclear explosion

The size of the crater formed by an explosion is itself of interest in

protective construction design and in the military or civil use of nuclear

explosions for demolition or excavation (Nordyke et al., 1963*; Graves,

1964; Vortman, 1964). The crater is of course a zone of total destruction.

The earth thrown out of the crater (ejecta) and landing in the area imedi-

ately around the crater will bury and often render useless any facilities

* See Literature Cited at end of text.
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located ,lose to the crater. Obviously the response of soils to dynamic

loadings must have some bearing on the size and shape of the crater formed

by such an explosion.

The airblast sweeping outward from the point of the explosion will

impose loadings upon surface and above-surface structures. Airblast will

totally destroy almost all aboveground structures located near the point of

the explosion. However, properly designed structures located at some dis-

tance from the explosion can survive, and the design of such structures is

of prime interest in civil defense (Newmark, 1965). Moreover, very special

structures of low profile, such as radar antennas, can survive severe air-

blast and are of interest in military applications. Since the foundation

supporting a structure often has some influence upon the way in which a

building will respond to this type of loading, soil dynamics is of impor-

tance to the problem of structures subjected to airblast loadings.

The stress waves generated within the earth are of interest because

they cause the earth to deform and move, thus causing forces upon and move-

ments of structures founded upon or located within the earth. Prime mili-

tary targets which might be the subject of direct nuclear attack, such as

missile emplacements and command centers, must be located underground and

must be designed to withstand such stress waves (Newmark, 1965). The prop-

agation of stress waves through earth and the interaction of these stress

waves with structures are obviously problems in soil dynamics. For sim-

plicity in dealing with the enormously complicated problem of these stress

waves and their effects, it has been found convenient to break the problem

into the four parts shown in table 2.1.
Thus we have six types of problems in which soil dynamics enters into

protective construction and nuclear weapons effects: (a) cratering;

(b) the effect of foundation conditions on the motion of surface struc- j
tures; (c) free-field ground motions and stresses with airblast-induced

stress waves; (d) soil-structure interaction with airblast-induced stress

waves; (e) free-field motions and stresses with directly induced stress

waves; and (f) soil-structure interaction with directly induced stress

waves. The following sections will discuss the soil properties pertinent

to each of these problem areas, both from a general standpoint and in

9
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connection with specific problem analyses. Most of the emphasis will be on

problems (a), (c), and 1d), which are the problems with which the author is

most familiar and toward which most of the work of the present contract has

been oriented.

Although .his chapter will provide some quantitative information re-

garding the size of craters and the magnitude of directly' induced and

airblast-iaduced ground shock, the reader who wishes more detailed informa-

tion can consult the following basic references:

Effects of Nuclear Weapons, S. Glasstone, editor, Supt of Documents,

U. S. Government Printin-g Office, Washington, D. C., 1962.

Nuclear Geoplosics F. Sauer (Stanford Research Institute), editor-in-

chief, Defense Atomic Support Agency, Washington, D. C., DASA 1285

in five volumes.

Design of Structures to Resist Nuclear Weapons Effects, Manual No. 42,

American Society of Civil Engineers, New York, 1961.

"A Review of Nuclear Explosion Phenomena Pertinent to Protective Con-

struction," H. L. Brode, Report R-425-PR, Rand Corporation, May

1964.

"Air Force Design Manual - Principles and Practices for Design of

Hardened Structures," Air Force Special Weapons Center (now Air

Force Weapons Laboratory), Kirtland AFB, New Mexico, AFSWC-TDR-

62-138, AD 295408, 1962.

These references also provide information regarding other important effects

of nuclear explosions: thermal, radiation, and electromagnetic.

2.2 CRATERING

2.2.1 General Features of a Crater. Fig. 2.2 shows the general fea-

tures of a crater resulting from a large near-sarface explosion.

The crater as viewed from above is called the apparent crater. The

dimensions of the apparent crater are measured with respect to the original

ground surface. Thus the apparent diameter is measured at the elevation of

the original ground surface, and the ,a2 rent depth is measured from the

original surface.

Such a crater is partially filled with earth which has been thrown

11tA
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rupture zone, until

near the interface

between the rupture SURFACE BURIAL

*zone and the plas- F
tic zone orly

small-scale shear

failures are found.

In the plastic zone -

there are small,
SHALLOW BURIAL

uniform, permanent

displacements which

gradually disappear

with increasing

distance into the

elastic zone.

The various NL•'.

features of a cra- OTMMBRA
ter are affected

greatly by the lo- " "

cation of the ex-

plosive charge rel-

ative to the ground

surface as indi-

cated in fig. 2.3.

Fig. 2.4 gives ap- "

parent crater ,/ DEEP BURIALdimension data ob-"••., :;'":

tained from detona-
y•.•., : [.. ,..• •.- TUK ZONIE

tion of small 'U" " ......

(256-lb*) high- PLASTIC

explosive (HE) Fig. 2.3 Typical crater profiles versus depth of
charges; large burst for alluvium (from Nordyke, 1961a)

* A table of factors for converting British units of measurement to metric

units is presented on page xxiii.
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Fig. 2.4- Crater dimensions versus depth of burst for 256-lb HE shots
in NTS alluvium (from Nordyke, 1961a)

explosions produce similar trends. Explosions above the ground surface

tend to create a shallow depression with a barely distinguishable lip. Thd

depth of the crater and the height of the lip increase when the explosion

point is right at ground surface, and increase even more dramatically as

the explosion point moves somewhat below ground surface. However, deeply

buried explosions will produce only an underground cavity and perhaps some

settling of the surface. The depth of burial which gives maximum crater

dimensions is called the optimum depth.

This general concept has been developed from experiments in dry soils

and rocks. If there is a high (i.e. near the surface) water table, the

concept may change somewhat as will be discussed subsequently.

2.2.2 Sizes of Craters. The following references have compiled data

from cratering experiments through 1960: Sager at al. (1960); Stramge

et al. (1961); and Nordyke (1961b). More recent references include Rooke
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and Chew (1965) and Nordyke (1964). Although this section will considt~r

only craters caused by a single charge, craters produced by multiple

charges have also been studied. Row charges, which night be used to exca-

vate a canal, are of special interest.

Effect of size of explosion: The pardmeter which has most effect

upon the size of a crater is of course the energy released by the explosion.

The standard unit for rating explosives is the equivalent weight of TNT.

Thus a nuclear explosive may be rated as 200 kt, meaning that the energy

release is the same as that for 400,000,000 lb of TNT. This method of rat-

ing leads to some problems, especially when comparing the results of cra-

ters produced by high explosives and nuclear devices, since the time his-

tory and general nature of the energy release are different for the two

types of explosives.

For a surface explosion, it generally is assumed that crater dimen-

sions scale as W/3, where W is the equivalent weight. A l-kt nuclear

surface burst in desert alluvium produces approximately the following

crater dimensions:

Apparent diameter: 130 ft

Apparent depth: 32 ft

Height of lip: 8 ft

Following the usual scaling law, a 20-Mt surface burst in the same soil

would produce these dimensions:

Apparent diameter: 3500 ft

Apparent depth: 850 ft

Height of lip: 210 ft

For belowground explosions, the situation is much more complicated.

The available evidence indicates that dimensions scale more like WO0295 or

even W 025. The proper exponent for the scaling law has received consid-

erable discussion: for example, see Nordyke (1961b) and Chabal and Hankins

(1960). The largest crater actually measured (the SEDAN crater in desert

alluvium, caused by a buried nuclear device rated at 100 kt) had dimensions

as shcvn in table 2.2. The tablr• also shows the difference in the pre-

dicted crater dimensions for a 10-Mt explosion using the several scaling

laws.

15



Table 2.2

Crater Dimensions According to Various Scaling Laws

SEDAN Scaled to 10 Mt
(ioo-kt)
Actual/ wO._295 _1/4

Apparent diameter, ft 604 2800 2340 1910

Apparent depth, ft 320 1490 1240 101C

Effect of type of soil: Clearly the type of soil or rock in which the

explosion occurs must have some influence upon the dimensions of the re-

sulting crater. Fig. 2.5 compares, for example, craters produced in dry

alluvium and wet clay by 256-1b HE charges. However, the effect of soil

type upon crater size is still largely undetermined, owing to the scarcity

of large cratering explosions.

_j +2

"-IX W -2
0 '

-6
OZ D __ CLAY__________

(0

W 0~ 10 __

W-12

20 16 12 8 4 0 4 8 12 16 20

RAD:US FROM GROUND ZERO, FT

Fig. 2.5 Apparent craters from 256-lb HE charges
(from Swift and Sachs, 1954)

Fig. 2.6 gives data showing the size of craters produced by rather

small HE charges in various soils and rocks. Crater sizes in most soils

and rocks are surprisingly similar. Larger explosions appear to give even

less difference in crater size for various media. Craters in hard rock are

usually taken to have dimensions 0.8 times those in dry soil. Craters in

soft rock have generally run about the same as those in dry soil.
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Fig. 2.6 Crater radii and depth versus deptii of' burst relation for
various earth materials (from Nordyke, 1961a)
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Craters in saturated clays a.nd sands have shown dimensions averaging 1.7

times those in dry soils.

2.2.3 Processes of Crater Formation. Study of the craters formed by

large explosions can conveniently be divided into three phases as follows

(see fig. 2.7):

(a) Formation of true

crater: During

this phase, earth
FORMATION OF TRUE is moved outwardW CRATE•0SSIZE AND SHAPE AFFECTED from the point of'

BY RESISTANCE OF SOIL TO
SUDDEN SHEARING LOADS the explosion, in

part by throwing

o • •Wearth upward into

the air and in part
IMMEDIATE REBOUND

CRATER WALLS SLUMP AS by distorting and
SSJRROUNDING SOIL REBOUNDS

L TOWARD THE CRATER compressing the
earth.

(b) Immediate rebound:704 - '- ' During this phase,

MLONG-TERM STABILITY Drn hspae
17 1r SLOPE FAILURES CAUSED BY

z GRADUAL DECREASE IN THr" 'HEAR
RESISTANCE OF THE SOIL

been thrown into
the air falls backFig. 2.7 Phases of crater formation

into the crater and

onto the surface around the crater, and the compressed and dis-

torted earth around the crater rebourds toward the crater.

(c) Long-term stability: During this phase, natural geological proc-

esses bring about the gradual reduction of the crater volume.

The first two phases involve dynamic processes, and are intimately coupled

together. Practically speaking, it is impossible to say when the first

phase ends and the second begins. For the typical explosion, some earth

undoubtedly is moving outward wh, le other earth has already started to re-

bound. Nonetheless, it is convenient to discuss the two phases separately

since soil properties enter in a different way for each phase. The third

phase involves essentially static phenomena; discussion of this phase is
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included here only because it is of much interest in connection with a dy-

namic process.

Formation of the true crater: Three general processes are involved in

causing the outward movement of earth during formation of the true crater:

(a) compaction of the earth beneath and

to the sides of the explosion point;

(b) spall of the ground surface above

hexplosion, as the initial stress

wave from the explosion reaches the sur-

face, and (c) acceleration, over a

longer period of time, of the soil W

around the explosion. Fig. 2.8 suggests a.

the relative contribution of these three DEPTH O IALBU

processes . _ _ ,_ _ _ __ _ _ _ _ _ .--- _

The first two of these processes DEPTH OF BURST

have received considerable attention Fig. 2.8 Relative contributions
of various mechanisms to appar-

from physicists: see Brode and Bjork ent crater depth for explosion

(1960), Knox and Terhune (1964). D:-- crater (from Nordyke, 1961b)

tailed calculations have been made tracing the effect of the first wave

coming outward from the explosion. Figs. 2.9 and 2.10 show, as an example,

Pressure field, kb

t 52 -msee

150 125 100 75 50 25 0 25 50 75 100 125 150

Radius (i)

Fig. 2.9 Computed pressures caused by 1-Mft surface explosion
(from Brode, 1964) ,.
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Fig. 2.10 Computed particle velocities caused by 1-Mt surface explosion

the calculated pressures and particle velocities at a particular instant of

time following a hypothetLcal 1-Mt nuclear surface burst. Note the magni-

tude of the pressures (1 kb 14,500 psi). The throwout of soil from the

ground surface is evident from the vectors in fig. 2.10. Calculations such

as these assume that the shear resistance of the soil is negligible corn-

pared to the large stresses; i.e. that the soil behaves as a fluid. The

region in which this condition is valid, the so-called hydrodynamic reio,

probably is contained within the true crater. A compressive stress-strain

relation or equation-of-state which accounts for thermal effects and phase

changes at the very high temperatures and pressures is required for the

calculations. To date, results of these calculations provide the best

basis for estimating the stresses existing in the soil immediately at the

boundary of the crater, in spite of the possibility that the true hyd~ro-

dynamic zone ends somewhere within the true crater. The calculations can

also be used to predict patterns of throwout, and ccrrelations have been

made between the theoretical results and field observations (Hess andp Nordyke, 1961). High-speed photographs of the ground rise above an explo-
sion (fig. 2.11) have been invaluable in the study of throwout.
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7ig. 2.11 Sequence views of ground rise at ground zero
in Scooter event (from Violet, 1961)

Gas acceleration is the predominant effect during the final stages of

crater formation, and thus greatly influences the size of the true ciater.

The calculation mentioned in the previous paragraph also accounts for the
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effect of gas acceleration, at least out to the tinme at whicL tie pressures

decrease to the point where the shear strength of the earth is sijnificant.

Soil engineers have made several rather crude analyses whltci consider the

effect. of gas acceleration together with the strength oe' soil: Whitman

and Taylor (19541), Whitman (19),), and Vesic and Parksdale (l91-).

Although these calculations are too naive to grive good quantitative

predictions of crater size. they have helped to explain certain facts:

(a) Once rock has frnctured (as by the first shock wave arrival, o-

before the explosion by gcý,logical processes) its resistance to

shear will be sirdlar to that of dry sand, wnd hence craters in

rock (espe, ially soft rock or closely Jointed rock) are abotut the

sane size as those in dry soils for comparable explosions.

(b) Because the strength of soft saturated soils is independent of

normal stress changes (and hence there is no component of

strength developed by the blast pressures), craters in such soils

are larger than those in dry soils for comparable expl sior .

In order to achieve a real understanding of the relation be, .een ;oil

strength and crater size, the more complex type of calculation, which ac-

counts simultaneously for all three processes, must be extended to consider

the shear resistanc.3 of the earth during the latter stages of crater forma-

tion. When this is done, it will be necessary to provide data regarding

the shear resistance of soils during sudden loadings.

Immediate rebound: When the gas pressure against the crater walls

drops to a negligible level, instability of tne crater slope becomes a

problem. Foe deep craters in weak materials, slides into the crater may

develop at this stage (Whitman, 1959).

To date, there have been no detailed analyses of this immediate re--

bound situation. It seems likely that slides will. develop in a crater

slope if they would develop I.n a slope of the same geometry excavated

"instantaneously" by conventional methods. Thus a lower limit to the maxi-

mum stable crater depth might be obtained by a conventional static slope

stability analysis using static undrained strength.

There are sevwral reasons why the actual transient situation may be

more severe than the corresponding static situation:
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(a) The earth must resist not only the pull of gravity but also the

deceleration of the slope at the end of rebound. This latter

effect is similar to that produced by a single very strong

earthque ke pulse.

(b) The strength of the earth may have been reduced by the passage of

ground shock through it. This effect will be especially impor-

tant in sensitive soils and in rocks.

(c) The timing of the rebound and the fallback may be crucial. That

is, the slope of the true crater may fail irmmediately even if the

slope of the apparent crater would be stable.

Unfortunately, there are no means available for accounting for these ef-

fects in a quantitative way.

Significarnm sliding during immediate rebound has not been observed

during explosions in dry soil and rock, although there have been detailed

studies of the opening of joints and fissures around craters in rock

(Sherman and Strohm, 1964). However, slides during immediate rebound did

occur durirn the first large explosion test (Operation SNOWBALL) in a soil

with a high water table (Rook-. and Chew, 1965). This aspect of cratering

will assume major proportions if larger explosions are made in such soils.
SLong-term stability: Generally speaking, the strength of the earth

within a slope decreases with time following formation of the slope. This

decrease results from various physical and chemical interactions between

groundwater and the earth. Thus slides may develop at some time after

cratering. The problem will be especially severe for craters in saturated

soils of high permeability such as sand. Water flowing from a sand into

"the crater will give rise to a quick condition, causing heave of the bottom

of the crater arj. slumping of the crater walls (Whitman, 1959). Severe

problems can also be expected in soils which tend to lose strength when

unloaded, such as stiff-fissured clay-shales (Whitman, 1959).

One important problem involved 'i nuclear excavation is the stability

of a crater slope when another crater is -rmed nearby. The best guidance

for this prcblem comes from studies of slope stability during earthquakes:

Seed and Martin (1966) and Bustaxnante (1965). Trouble should be expected

only when the slope is in a precarious state of stability or when the soil

23

:4



is likely to lose strength if subjected to repeated loadings.

2.2.4 Requirements for Data Regarding Soil. A full analysis of

cratering action would require the type of stress-strain information sum-

marized in table 2.3. The first column states the requirement in general

terms. The second column indicates the status of the theory in which the

data are to be used. The fine-) column indicates the realistic present re-

quirement for data, considering the present status of the theory and its

probable development in the immediate fdture.

In general, there are today no calculation procedures on which abso-

lute reliance carn be placed and there are no proven empirical relations.

This situation seems unlikely to change in the immediate future. Hence the

need is to establish the key features of the stress-strain behavior of soil

and to give probable ranges for the values of the key parameters. Except

for data applicable to the hydrodynamic region, there is no realistic re-

quirement for data of a specific kind for any given site other than that

which would normally be obtained during a thorough, modern soil mechanics

investigation.

2.3 MOTIONS OF SURFACE STRUCTURES

Aboveground structures will be loaded by the airblast from an explo-

sion; this loading will be transmitted to the structure foundation, causing

the structure to displace into the supporting soil. In addition, the foun-

dations of these structures will be moved by airb'ast-induced and directly

induced stress waves, in much the same way as foundations will be moved by

an earthquake. From the soil mechanics point of view, there are two prob-

lems: (a) how soil conditions affect the magnitude of the foundation

motions, and (b) how to analyze the interaction between the soil and the

structure.

If the explosion is aboveground or buried to less than the optimum

depth of burial, the airblast effect on a nearby aboveground structure will

be much more severe than the ground motion effect. Airblast pressures on

the order of 5 to 10 psi will seriously damage or destroy conventional

buildings, and 30 psi is usually considered to be the practical limit for

design of aboveground protective structures. Hence the response of surface
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structures to ground motions is of concern for deeply buried explosions or

at very great distance from near-surface explosions. Hankins (1964) and

Mickey (1964) give data concerning these ground motions. Very little is

known concerning the effect of soil type upon these motions, although there

is reason to believe that these motions and their effects may be greater if

the soils are highly saturated than if they are dry.

Structural response to either airblast or ground motions is usually

analyzed by adopting an equivalent lumped parameter system. The effect of

the foundation upon the response can be considered by including a spring,

dashpot, and mass to represent the foundation. The general approach for

selecting the equivalent spring, dashpot, and mass is just the same as

wcxld be used for machine foundations or in earthquake studies (Whitman and

Richart, 1967); of course, the spring constant applicable for the large dy-

namic foundation stresses caused by an explosion generally will be differ-

ent from that applicable for small dynamic foundation stresses. Some meas-

ure of the stiffness of the soil is necessary for this purpose, either by

means of dynamic laboratory tests on undisturbed samples or in situ plate

bearing tests using repeated loadings. In analyzing the response of above-

ground protective structure foundations to airblast loading, choice of

lumped parameter foundation elements should be guided by the data summa-

rized in Whitman and Luscher (1965).

It is possible that ground motions from an explosion may densify the

soil below a building by vibratory action, and thus lead to differential

settlements which will cause cracking of buildings, etc. Very little is

known about this problem. Presumably the types of damage criteria dis-

cussed by Cauthen (1964) allow for this effect, at least in a general way.

2.4 AIRBIAST-INDUCED STRESS WAVES

This section is concerned with the stress waves within the ground

caused by airblast moving outward from the explosion and thereby imposing

stresses upon the surface of the ground. The pattern of these stress waves

is very complex, and hence simplifications are necessary in order to permit

engineering predictions concerning the motions. While there have been many

measurements of the motions due to actual stress waves caused by nuclear
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and large chemical explosions, these data actually are scant in view of the

great complexity of the problem. Moreover, such testL have been conducted

only for very restrictive soil conditions. Many the(.'ies, some involving

very complex calculations, have been developed to aid in the understanding

of the propagation and attenuation of these stress waves. There is in-

creasing use of these theories to generate ground motions for use in design

of protective structures, but theories should be so used only when they

have been verified by checking against field experience and considerable

effort is required when evaluating soil parameters to be useu for a new

site. Relatively simple prediction techniques have evolved from study of

the field data and theoretical results, and are often used for actual engi-

neering design of simple protective structures and for preliminary design

of more complex facilities.

This section will not attempt to describe all of the field data,

theories, and prediction techniques in detail.* Rather, the emphasis will

be upon fundamental considerations: the influence of various factors upon

stress waves, and the role of soil mechanics in stress wave predictions.

A study of stress waves cannot be completely divorced from the ques-

tion of how stress waves affect protective construction design.

For convenience, the design of a buried structure can be thought of as

involving two steps: (a) design of a protective structural shell which

will withstand the stresses imposed by the stress wave, and (b) design of

mountings and shock isolation systems which will make -it possible for per-

sonnel and equipm,!nt to survive the ground motions, i.e. the accelerations,

velocities, and di;3placements of the ground. Thus, prediction of stress

waves is usually broken into two parts: prediction of stresses and predic-

tion of ground motions. However, these two aspects of the design problem

are really inseparable.

The stresses and motions experienced by a structure are generally de-

termined in two steps: (a) an estimate is made for the stresses and

* The best single reference regarding field test data is Part TV of
NUCLEAR GEOPLOSICS. The best single reference for prediction techniques
is the Air Force Design Manual. Unfortunately, there is no one single
good reference describing the many theories for stress waves. This sec-
tion gives references to a number of these thec-ies.
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motions which would exist at a point if no structure were present--the so-

called free-f'ield stresses and ground motions; and (b) the modification

caused by the presence of the structure is estimated. This section is con-

cerned with free-field effects; section 2.5 will consider soil-structure

interaction.

2.4.1 Description of Airblast. Fig. 2.1 shows the general features

of the airblast wave which sweeps outward from a surface nuclear explosion.

As viewed at a fixed point, the airblast arrives as a sharply defined

shock front traveling at a shock wave velocity which is a fanction of the

peak overpressure in the shock front. After passage of the shock front,

the overpressure decreases and eventually becomes negative. As the point

of observation is moved away from the point of explosion, the peak over-

pressure and shock wave velocity decrease while the total duration of the

airblast wave increases.

As viewed at an instant of time, the ground surface from the explosion

point out to the shock front will be loaded by air pressure. With increas-

ing time from explosion, a larger area of ground surface is loaded, but the

:iagnitude of the stresses decreases.

The formation of airblast waves is controlled by the release of heat

a-d radiation from the -xplosion. Brode (1964) gives a detailed discussion

of these interrelated p-enomena. Table 2.)i and figs. 2.12 through 2.14

give quantitative information of interest to soil engineers, using a 1-Mt

surface explosion as an example.

Table 2.4 summarizes data regarding shock frot overpressure, shock

wave velocity, arrival time, duration, and impulse as a function of dis.-

tance from the explosion. (Impulse is the integral of pressure versus

time.) Shock front velocity is directly related to the peak overpressure.

(Note that this velocity is larger than the velocity of acoustical waves

through air--1100 fps at sea level.) All other factors scale as the cube

root of the size of the explosion. FoL _'-.parison, a 1-Mt surface explo-

sion will give a crater with an apparent radius of 700 ft. Fig. 2.12 shows

distances to various peak overpressures in relation to crater size.

Fig. 2.13 indicates how the overpressure decreases with time at sev-

eral. different distances away from the explosions (the duration of the
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½ Table 2.4

Airblast Parameters for l-Mt Surface Burst

Shock Shock Arrival Positive
Over- Front Time Phase

pressure Distance Velocity of Shock Duration Impulse
psi ft fps Front, sec sec lb/in.--sec

5000 850 18,000 -0.02 1.4 110

2000 1200 11,500 -o.o4 1.3 77

1000 1500 8,200 O.O8 1.2 55

500 1900 46,00 0.13 1.0 40

300 Z300 4,600 0.20 0.95 30

100 3400 2,900 0.52 0.83 18

5( 4500 2,200 0.97 0.92 13

25 6100 1,800 1.8 1.25 8.8

10 9500 1,100 4.2 1.9 5.5

Scales Scales Scales Scales

as as/3 as /3

Data from Brode (1964)

20 psi

(500(kn wind)

Li I I I I , I I
1000 2000 3000 4000 5000 6000 7000

feet

Fig. 2.12 Distance to various peak overpressure
levels in relation to crater size; 1-Mt surface

burst (from Brode, 1964)
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positive phase is on the order of' 1 to 3 sec). The decay is not a simple

exponential. For the higher overpressures, the rate of decay initially is

very rapid and then slows, as illustrated by the following tabulation:

Fraction of' Positive
Peak hockPhase Duration to Achiev

Overpr e ssure ~ =07 .0=02
psi /P o,5 /Ps 5 : o5oP/s :o

100 0,00o5 0.0o2 o.0o4
400 0.01 0.05 0.1
100 0.05 0.12 0.3

40 0.09 0.2o5 0.5
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0 2000 4000 6000 8000

F 2 vr sR, ft

Fig 2.4 Oerpessreversus radiits; 1-Mt surface burst
(fr,)m Brode, 196-~

where p sis the peak ov-erpressure in the shock front and p is the over-

pressure at the same time behind the shock front. For pS. 1000 psi, the

overpressure drcps to 250 Psi within only 4% of the time required for the
overpressure to drop to zero.

Fig. 2.14 shows overpressure versus distance for various times. After

the posittive phase there is a suction pressure: as much as 3 Psi, orIenough to lift a concrete lid 3 ft thick.
Relatively simple equations can be derived which describe the airblast

approximately but adequately (for example, see Brode, 1964, and Neidhardt

and H-arkin, 1962). These equations are often used as a basis for ground

motion calculations.

2.4.2 General Features of Ground Motions. As a first step toward

predicting airblast-induced ground motions, it is necessary to understand

the various factors which contribute to the pattern of ground motion that

might be observed in any particular situation. In. this section, this

understanding will be developed by studying a series of highly idealized

situations.

Concentra-ted transient point load: Fig. 2.15 shows the waves emanat-

ng from a concentrated load applied instantaneously at the surface of an
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elastic half-space. The nature
; :fo t0 of the motions and stresses

Pot>O
~P 0

caused by this loading is dis-
SR-WAVE cussed by Baron et al. (1960).

A general understanding of the

response results from examining

'SP-WAVE the distribution of motions

along several rays emanatirg

from the point of load appl.ica-

,V I tions.

0° A point located beneath the

load experiences two wave front

P V arrivals, corresponding to theP-WAVE

compression (P-wave) and shear
z (S-wave) waves.* A typical time

Fig. 2.15 Waves resulting from history of vertical displacement
instantaneously applied point

loadw is shown in fig.2.16. The

changes in particle velocity and

-stress at a point as the wave c't

fronts pass vary as I/R 2  0s__ 1.0 -R

while the peak displacement at $P2 4

a point varies as I/R . Pas- o.s z
sage of the waves causes down- CsSHEAR WAVE VELOCITY G=SHEAR MODULUS

I =TIME U= POISSON5S RATIOward and outward motion. Tt GRw W =VERTICAL DISPLACEMENT

3 P0For points lying nearer

the surface, the behavior is Fig. 2.16 Time history of vertical
displacement along ray beneath con-much more complicated. The centrated load

boundary condition at the sur-

face gives rise to a von Schmidt wave (SP-wave), which is the precursor of

the Rayleigh wave (R-wave) running outward along the surface. Fig. 2.17

gives a typical time history of motion for a near-surface point. A point

first moves upward and outward as the P- and SP-wave fronts pass. As the

* For detailed definitions of these waves and of the associated wave
velocities, see Chapter 5.
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R-wave %pproaches, the upward .

movement increases but is ac-

companied by inward motion.

After passage of the R-wave, 81 S_

there is a permanent downward P11P 5

and inward displacement. The 0 0.5 10 1.5

effect of the Rayleigh wave,
0..

which is not a sharp-fronted
YtrGRW

wave, decreases rapidly with 3PO

depth. For points near the Fig. 2.17 Time history of vertical
displacement at snallow depth near

surface, the maximum stresses concentrated load

and displacements occur dur-

1: ing passage of the Rayleigh wave. These maoxirmwn near-surfac6 stresses and

displacements vary as 1/-.

Sequence of events caused by blast wave: A blast wave sweeping out-

ward over the surface of a half-space (figs. 2.12-2.14) in effect applies

instantaneous loads in succession at
P points spaced outward from ground zero.

The effects of these loadings can be con-

S, _veniently divided into two parts (see

"(a) The effect of the loading imme-

I O' |d aiately above the point. This'• ~~TO G;ROIJN • •
Poly PorINT FNEREsT

ZERO loading produces the type of

Fig. 2.18 Sequence of loadings response shown in fig, 2.16.
applied by airbiast (b) The effect of the loadings not

immediately above the point, Each cf these loadings produces the

pattern of responde shown in fig. 2.17. Because the loadings
near ground zero are very large, these loadings may cause at a

distant point a response which is as significant as the response

caused by the loading directly over the point.

The loading directly over the point primarily causes downward motion. The

more distant loadings cause both upward and downward motion as well as

inward and outward motion.
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ri.S eipen:Ing upon vie re]jtive zagni-

Ow ** tude of" the dilatatiornal wve Yelocity

-D (the ve!ceity: of a P-wave) in the

_________-- _ ground and th• shock velocity U of the

airbiast. two general t. s of situa-
I tions can occur (see fig. 2.19):

U j - (a) if U >CD , the'first mation
I

/ at any point within the half-

Fig. 2.1.9 Superseismic and space is caused by the loading
subseismic regions i~eiaeel: above t.e point.

That is, a point witL-in. t.e body does not nove unt-l the shock

front :f the airblast sweeps over the point. This is called the

superseismic case. This case occurs close to ground zero where

the overpressures and the shock velocity are great. The smaller

the value of CD , the farther the superseismic region will ex-

tend ifrom ground zero.

(b) If U < C , motion at a point begins before the shock front of

the airblast passes over the point. This is called the

subseismic case or the outrunning case- The subseismic region

begins at the end of the superseismic region. The larger the

value of CD , the closer tc ground zero the transition point

will lie. Sometimes reference is also made to P. transseismic
region, where C < U < C (C is the shear Acave velocity ins D s
the ground).

Within both regions, the response at a point is influenced both by the

loading just above the point and by the loadings distant from the point.
As shown in fig. 2.20, there is always a significant response when the

front of the airblast passes over a point, regardless of whether the point

is located in the superseismic, transseismic, or subseismic region, but
this aspect of the loading tends to predominate within the superseismic

region. The effect of loadings distant from a point becomes especially

important within the subseismic region.

Since the region near ground zero is especially of interest with re-

gard to protective construction, the superseismic region is of special
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.concern. For _•ther discussion of the superseismi• case, it is convenient

i to discuss the response under three headings: (a)-response at shallow

depth as P- and S-waves pass; (b) r visponse at greater depth as P- and

S-waves pass; and (c) response after passage of wave fronts.

Superseismic case; initial re- -

sponse at shallow depth: Consider

first the situation show~n in fig.

2.21, where a uniforraly distributed

strip load is moving with constant A ..... .---------- s O A ZC

velocity U over the surface of an - ------------

%/ / - DRAWN FOR CASEelastic half-space. This loading DRW F C ASE

causes four wave fronts, with re-

gions of constant stress between Fig. 2.21 Wave fronts beneath super-
the wave fronts. seismic strip load
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P LM P-11M_ Fig, 2.22 shows the varia-

h'L Lam -& tior. with tixe of horiz~ont92.
SL LOAWiS. S- r

s 5 o u*G - and vertical stresses at tw
LW depths. Do's, to t.ie depth z

•,here the unloading P-wave and
to

"the loading S-vave intersect,

Tu the rsaximum vertical stress

equals the &pplied stress PS

ig. 2.22 Vertical and horizontal Below this depth, t'ie rximum
stresses versus time at two depths vertical stress .s less Than

below superseismic strip load
Ps

Fig. 2.23 shows the patterns of
motion at these same two depths. P _ AM-SL PL

Initially the motion is normal to the

P-wave front, i.e. downiward and out- -P,.pS

-lard. Arrival of the S-wave causes ,

additional downward movement but a
U/C0.=1_5

reverse horizontal movement. After

passage of the final wave front, F•g. 2.23 Displacements at

there is a residual vertical dis- several depths below super-

placement and a smaller residual seismic strip load

horizontal displacement. These residual displacements are caused by the

continuing compression of points lying at greater depths than the depth

considered. The motions at the surface are shown for comparison. The max-

imum vertical displacements are the same at each depth, but- the maximum

horizontal displacements are smaller near the surface.

The inclination of the wave fronts, the magnitude of the stress

changes at the wave front, and the pattern of motions are functions of the

velocity ratio U/CD . For U/CD > 2 , the wave fronts are inclined only

slightly from the horizontal and the motions are predominantly vertical.

It is interesting to co.aare the stresses and motions for:

(a) The superseismic case of a transient wave sweeping over the sur-

face.

(b) The one-dimensional problem of a pulse of stress applied over a
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vide area of the surface, vith a duration just equal to the dura-

tion of the stress applied at any point in the superseismic cae.

This comparison is presented in fig. 2.24 for U/Cý. = 2.25 .* The vertical

stresses and motions are quite similar £f1 the two cases, and the agreement

becomes better as U increases. The same can be said for the hori-

zontal stress. The wave shapes are somewhat different for the two cases,

as there is a spreading out of the wave in the superseismic case. The two

Scases diffe- most with regard to horizontal motions. However, the hori-

r zcnt~l n"tions in the superseismic case can be approximately related to the

vertical motion in the one-dinensional case by considering the inclination

D of the superseismic wave front. For example, the maximum horizontal

velocity and displacement can be estimated approximately by maltiplying the

vertical component by tan ' . These comparisons hence suggest that the

simpler i .-dimensional problem may be useful for estimating the behavior
in the more omplicated superseisric problem.

Fig. 2.25 shows stress versus time patterns at various depths beneath

a superseismic loading consisting cf a sudden stress ju.mp followed by a

linearly decaying stress. The P- and S-waves each cause a similar sudden

jiump followed by a decaying stress. At a depth z. , the ve.tical stress1

at the instant of S-wave arrival just equals the vertical stress at the

instant of P-wave arrival. For z < z. , the nmaxi.nm= vertical stress1

occurs at the S-front, but for z > z. tne vertical stress at the P-front1

is the maximum that occurs. Below zi , the peak vertical stress is con-

stant with depth. For z < z. , there is a linear attenuation of peaki

vertical stress with depth. This attenuation is caused by the two-

dimensional nature of the problem, and is called spatial attenuation.

The depth z. depends upon the velocity ratio U/C., Foisson's

* The results in the left column of this figure come from the theory for

phenomena during passage of a plane wave. The key principles are that
particle velocity jump across a wave front (in this case the vertical
velocity *) is proportional to stress change across the front, while
peak displacement (in this case the peak vertical displacement wmax)
is proportional to the impulse imparted by the surface loading. The
actual relations appear as Equations 2.) and 2 6 in section 2.4.4. The
symbol D is the constrained modulus: D DC where p is the mass
density.C
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Fig. 2.25 Vertical stress ,o
versus time at various
depths baneath linearly

Sdecaying superseismic o

XC-

'" TIME

ratio ', and the rate at which the

k VCloading decays behind the wave
PEAK VERTICAL STRESS, PSI

40 so ,zo ISo zoo front. The amount of stress attenu-

p=o20oPSO ation which occurs above z =z.
U =3127FPS

depends upon U/C and . Fig.40-- E U/Co D
U- A 50 0.3 2.00 / 2.26 shows some results which have
U a 200 0.3 1.01 /

0 s C 200 0.25 1.03 I been calculated for an airblast

S/ loading as described in section
0W o20 /2.4.1. For comparison is shown thef I,

wr.T ZERO attenuation which would result if
I.. INERIA
w N > this sexae loading were applied to a

C 8 A soil without inertia (i.e. with an
infinite dilatational stress wave
velocity): see Air Force, 1962.

Fig. 2.26 Attenuation of peak
vertical stress from airblast
(from McCormick and Baron, 1966) not move with constant velocity U
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nor with constant r-Lock front stress p" However, over a small region of

tt'e surf-ace, U and PS "ill vary only slightly and may be treated as con-

stants. Thus the foregoing solutions give a meaningful indication of the

motions and stresses at shallow depth beneat!' a superseismic airblast

loading.

Superseismic case; initicl. response at greater depth: Because the

shock velocity U of the airblast decreases as the airblast front moves

outward, the P- and S-fronts
o. • • °'r , •.° ", tayinstant of time are

curved rather than straight.

Given the variation of U
05- 0O5

with radius r , expressions
z-
.' can be derived giving the lo-

ci. WITHIN SUPERSEMSMIC b. AT END OF
REGION SUPERSEISMIC REGION cations of these wave fronts

Fig. 2.27 Location of airblast shock front (Neidhardt and Harkin, 1962).
and P- and '-fronts at two different times Fig. 2.27* shows the position
giving superseis,'ic conditions for P = 1/3 of these fronts at two differ-

ent zimes within the superseismic region, as calculated assuming an intense

airblast which originates at ground zero without producing a crater.

The stress and particle velocity jumps whicn occur at Doints on these

fronts can be rela'-ed directly to the peak overpressure ps applied at

corresponding poirts on the surface of the ground. Thus the jump across

the P-front at point A of fig. 2.27b results from the dilatational wave

which originated when the front of the airblast passed over point A".

Similarly, the jump across the S-front at point A' results from the shear
wave which originated at A". Because of the curvature of the wave fror±ls,

the stress jumps decrease along rays A"A and A"A'. Expressions giving the

attenuation of the stress jumps with travel distance are given in Neidhardt

* igs. 2.27 through 2.29 are normalized with respect to the end of the
superseismic region. Thus:

RI = radius at which U = CD

p, = peak overpressure at r = R,

SCDt/RI time at which a dilatational wave from the origin

reaches r 1R
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and Harkin (1962). Fig. 2.28 shows

a few computed results.

It is of interest to compaxre
3.01

the peak vertical stress *.t various o ,•L O ,
Spoints with the peak overpressure at 0-IF 15110;R

t~hee surface directly above the e P1 • -•

points. The depths for which these I.--

stresses are shown in fig. 2.28 are " -S3.91 0.40 " +

much greater than those usually of 0.++• 0.5 •
Spractical interest. Considering 0.92

that some attenuation of peak stress COS PUTED FO:
Z.'II Pu.ZOO 20 FPS

occurs at relatively shallow depths

S(owing to the spatial attenuation Z
R1

phenomenon described under the pre-

vious subheading), there appears to Fig. 2.28 Theoretical results
showing peak vertical stress

be remarkably little decrease of at several deep points (from

peak vertical stress with depth. Neidhardt and Harkin, 1962)

For example, the normalized peakI vertical stress at point F in fig. 2.28 -is 2.9, -whereas the normalized peak

overpressure on the ground surface directly above point F is 3.8. Ang and

Ranier (1965) show similar results.

Superseismic case; behavior behind wave fronts: Though the locations

of the wave fronts and the stress jumps at these fronts can be computed

with only modest difficulty and can be understood in general terms as de-

scribed above, the behavior behind the wave front is much more complicated.

The stresses and motions at any point are influenced by the airblast pres-

sures at many surface points. Several solutions which begin to show the

"behavior behind the wave front have been accomplished by means of com-

puters. However, at the time of writing of this report, the writer still

had not seen results from which the effects of the airblast can be satis-

factorily isolated from other sources of loading such as directly induced

effects. The following paragraphs indicate some of the interesting fea-

tures which can be seen in available solutions.

Fig. 2.29 snows the distribution of stress and displacement along a
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Fig. 2.29 Listribution of stresses and displacements
along line A-A" as result of airblast loading (from

Neidhardt and Harkin, 1962)

particular ray at a particular time. Note that the variation of stress

behind the wave fronts is rather complicated. The calculations show that

tensile stresses can develop at certain locations at certain times. The

ýrertical displacement w increases from the P-front to ground surface, and

the effect of the S-front can be discerned in the curve. The vertical dis-

placement at any point is still increasing with time, inasmuch as the over-

pressure has not yet decreased to zero. Because it is difficult to carry

the calculation out to such a time, and because the peak vertical displace-
ment is affected by the response at very great depth where soil propertles

usually are poorly defined, it is difficult to estimate peak verti al dis-

placement. The horizontal displacement u is at this time-less at the

surface than at some depth (compare fig. 2.29 with fig. 2.23). With time,

the depth of maximum u increaseo, and the horizontal displacement at the

surface becomes inward.

For points within the superseismic region very close to the surface,

it can be reasoned that the stresses will result: (a) from passage of the

airblast front, and (b) from a surface wave generated by the very large

stresses applied near ground zero (see Baron et al., 1960). The first set
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I of stresses can be calculated
If

from the solution for an ,r-
blast pressure traveling aver [-

the surface at constant veloc- snrst •.

ity. The second set of

stresses can be estimated by "-- SrSS•0,r"

superimposing the Rayleigh

wave terms from a succeszion II
of concentrated loadings - 00./

(fig. 2.3). The two sets of F EFFECTS

Z =100 FT -

imposed to give an indication 20-MT ZIOF T SIM/

of the combined effects. Fig. 0ooo C I.
2.30 shows the result of one \ i
such calculation. The 125s

stresses associated with the

Rayleigh wave,,especiafly the 1___00_

horizontal stress, can be of .

considera.ble significance. ,oI
, o 0 300 400 50 goo 700

The importance of the Rayleigh TME, ,,CC

wave of course decreases rap- Fig. 2.30 Stresses near surface toward
end of superseismic region (frcm Baron

idly with depth. Unfortu-eta.190 et al., 1960)

nately it is quite difficult

to calculate the surface wave contribution since it originates at a shock

front which is varying in intensity and velocity, and results have been

computed for only a very few cases.

Fig. 2.31 shows displacement-time histories for a point at ground sur-

face near the end of the superseismic region (Constantino, 1966). Here the

loading involves airblast sueeping out over the ground sarface plus a

stress applied to the wall of a hemispherical cavity which simulates a cra-

ter. The passage of the airblast front causes a downward and outward dis-

placement, but the horizontal displacement almost immediately switches and

becomes inward. There is a pronounced surface wave, which results in part

from the directly induced stress wave's from the "crater" and in part from
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Fig. 2.31 Motions at surface from combined airblast-induced

and directly induced stress waves (from Constantino, 1966)
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"Rayleigh waves originated by the. large peak streses- acting upon the ground

surface near the crater. This surface wave causes a marked outward dis- I
placement followed by a large-rebound toward the crater.

Much additional insight into the nature of ground motions will be

gained as additional computations such as these are completed.

Subseismic case: Within the subseismic region, stress waves run ahead

of the advancing airtlast shock front

ebo t a tai .(fig. 2.32) so that the ground begins to UCC 3,C< Imo-ve before the airblast arrives. The i

sequence of motions is generally as de- SA ,AV "1 €I

scribed in connection with fig. 2.17.

The first effect is a small outward t, 4u

motion as the P-wave arrives. Then the

surface wave effects ta' over, causing Fig. 2.32 Wave fronts in
subseismic region

AI, s1. upward motion as well

as additional hori-

zontal motion. Then
0 50 fust}..•J J T,'W• •J £MBLAS" POSITIVIE

7*,V%-.IO FR V• OF P T,, finally th' airblast
T arriveb, causing as in

the superseismic range
a predominantly down-

ward movement. The

As/ net result of these

effects is a complex

STA. 7 pattern of motion.

Fig. 2.33 shows a typ-

ical set of actual

ground motion records

for stations within

the subseismic region
Fig. 2.33 Typical records of actual vertical at increasing dis-
imotions at several distances from ground zero

in subseismic region, Tumbler Shot 1 (from
Sauer et al., 1964) zero. The effect of
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the airbiast is still clearly wvident, but sign.ficant motion occurs before

the airblast arrives.

At the time of this writing, theoretical calculations reproducing all

of the important aspects of behavior in the subseismic region are still not

available. Fig. 2.34 gives results from one calculation which illustrates

some of the irportant features. In this calculation an airblast is ascumed

to spread outward from ground zero. However, the variation of overpressure

and velocity at the shock front only approximates actual airblast behavior,

arnd the ovecpressure is assumed constant behind the shock front instead of

decreasing as with actual airblast. The figure shows stresses and motions

at a given point for a limited range of times. The P-wave has already

arrived some time ago, and thus relatively small motions are already in

progress at the beginning of the plots. The major motions begin with the

arrival of tne Rayleigh wave which is being pushed ahead of the airblast.

The horizontal stresses (tensile) are particularly large as the Rayleigh

wave passes. Arrival of the airblast is markeO by the sudden increase

(compression) in vertical stress.

For shallow depths, the stresses and motions associated with passage

of the airblast can be estimated with reasonable accuracy from the theory

for a surface loading moving at constant velocity and intensity. Equations

with some numerical results are given in Rogers and Palmer (1962). Once

U/Cs < 0.5, the stresses and motions can be estimated with good accuracy by

using a series of static distributions for each successive position of the

surface loading. This is equivalent to neglecting the inertia of the soil,

so as to hive an infinite wave velocity. For this case, the stresses and

motions attenuate steadily with depth (seo fig. 2.26).

The stresses and motions associated with the outrunning are in effect

governed by a surface wave, and hence also attenuate rapidly with depth.

The attenuation of horizontal stress with depth stands out clearly in

fig. 2.34b. The vertical stress associated with the Rayleigh wave first

increases (it must be zero at the surface) and then decreases with depth.

The effect of this surface wave is difficult to calculate, since this wave

oziginates at a shock frert which is changing in intensity and velocity,

and only a few cases have been evaluated.
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Fig. 2.34 Stresses and displacements near ground surface in
subseismic region, from approximate theoretical calculation

(from Gans and Brooks, 1965)

The attenuation of peak vertical stress with depth in the subseismic

region is illustrated by calculations presented by Ang and Ranier (1965).
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Effect of layering: When a plane-wave running through one material

encounters a second material with different properties, four new wave

fronts are generated-at the boundary between the two materials: P- and

S-waves r:eflected back into the first ziaterial and P- and S-waves refracted

BLAST into the second mate-_• FRONT

rial. Thus in the typi-

cal situation where air-

blast sweeps over ground~SURFACE
J77c777 composed of a soft layer

over one or more harder

layers, a very complex

0 INTRFS5pattern of wave fronts
develops. Fig. 2.35

shows an example of

these wave front pat-

terns as revealed by
theoretical calcula-

Fig. 2.35 Wave fronts at a time when
initial disturbance front is super- tions.
seismic on Z ` 0 and trarisseismic on From the engineer-
Z = H (from Ablow and Sauer, 1967)

ing viewpoint, the

effects of these reflections and refractions may be considered under two

headings: (a) the modification to the stresses and motions within the

superseismic region, and (b) the change in the extent of the superseismic

region.

Fig. 2.36 illustrates the effect of layering on the motions near the

surface of the ground. By comparing the curves for sites X, Y, and Z

(site Z is the homogeneous case shown in fig. 2.31), several important

features may be noted:

(a) The initial vertical particle velocity (slope of displacement-

time curve) at the surface caused by the airblast arrival is

greater at site X because of the greater compressibility of the

topmost layer.

(b) The first reflection within the topmost layer soon causes a re-

verse particle velocity at ground surface, and this and
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subsequent reflections cause the displacement-time histories at

site X to show oscillations which are not present at site Z.

(c) Until ",- a--ival of the surface wave, t'-ie average vertical dis-

placement at 50-ft depth is the same for all three sites, but the

surface vertical displacements at sites X and Y exceed that at

site Z because of the greater compressibility of the topmost

layers.

(d) Prior to the arrival of the surface wave, the horizontal dis-

placements (which are small anyway) are relatively unaffected by

the layering.

(e) The motions associated with the surface wave are increased by the

layering, especially the horizontal motions. This effect is

partly the result of the greater flexibility and stiffness of the

topmost layer. This effect also comes about because layers can

"chanuel" the energy in horizontally moving waves and thus can

under certain conditions amplify the motions associated with

surface waves.

Just as wave propagation down a vertical column can be used to explain

quantitatively many of the features of superseismic ground motion in a

homogeneous soil (fig. 2.23), the effects of layering on the initial ground

motions can be explained simply in terms of reflections of P-waves within a

vertical column. However, the effect of layering on surface waves is very

complex.

The effect of layering upon the extent of the superseismic region is

illustrated in fig. 2.37. In this figure, the solid lines show successive

positions of tie initial P-front. This front is complex because the

P-front in the lower stratum runs ahead of the P-front in the upper stratum,

and hence energy is fed back from the lower to the upper stratum. Energy

which is put into the ground when the airblast front passes point D, and

which follows the path DEFG, reaches point G at the same instant as the

airblast. For points at greater range than G, ground motion will start

prior to the airblast arrival even though the airblast is still super-

seismic with regard to the top stratum.

Summary: As stated at the outset of section 2.4.2, the aim has been
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SFig. 2.37 Ray path diagram for determination of critical ray path
for two-layer medium (from Sauer et a!., 1964)

to develop a general understanding of the nature of airblast-induced ground

motion by examining the re-sponse for a number of highly idealized situa-

tions. The key ideas and principles which have emerged from this study are

summarized in fig. 2.38. This study has also given a general picture as to

the status of the theories which may be used to calculate these various

effects, and has indicated simrplified theories which can be used to
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approximate the response for certain cases. The ideas and principles de-

veloped !,ere provide the basis for organizing the complex results of field

measurements of ground motions and for developing engineering approaches to

the prediction of ground motions in situations of practical interest.

2.4.3 Effect of Nonelastic Behavior of Ground. The solutions pre-

sented in section 2.4.2 assumed ground to be linearly elastic. Even though

soil and rock actually exhibit nonelastic effects, these solutiou:s still

serve to illustrate and to permit understanding of most of the important

features of airblast-induced ground motion. This section briefly considers

the consequences of the actual nonelastic effects. This is accomplished by

considering several simplified models of soil behavior, each of which in-

corporates a specific nonelastic feature.

Shear strength: When soil is compressed in one direction without per-

mitting strains in the transverse directions (as in the standara oedometer

test), the stress-strain curve trends

continuously upward (fig. 2.39a). How-
W

ever, if the soil i.s sheared (or com-

- pressed in one direction with complete

A RA freedom to strain laterally, as in theAXIAL STRAIN AXIAL STRAIN

a. TYPICAL b. TYPICAL standard triaxial test), the stress-
STRESS-STRAIN STRESS-STRAIN

CURVE FROM CURVE FROM strain curve reveals a limited peak
OEDOMETER TEST TRIAXIAL TEST strength (fig. 2.39b). As a first ap-

S'A EA proximation, the idealized stress-strain
0 curves of fig. 2.39c can be used to in-

SRENGTH S
G MAY DEPEND vestigate the consequences of this

T S UPONI NORMALM I SRT SS

AXIAL STRAIN SHEAR STRAIN limited shear strength.
c. IDEALIZED STRESS-STRAIN CURVES The behavior at the fronti of a

Fig. 2.39 Typical and idealized P-wave is controlled by the behavior in
stress-strain curves for study- confined compression; while shear
ing effect of shear strength

stresses are present in such a loading,

there is no shear strength failure in the usual sense of the p'.rase. Be-

cause many of the important features of the ground motions within the

superseismic region (peak vertical stress and particle velocity, peak

horizontal stress and particle velocity) are determined mainly by the
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response at the P-front, shear strength is of no direct interest with

regard to these features.

The behavior right at the front of an S-wave is of course controlled

by the behavior in shear, and under certain circumstances the jump in shear

stress as predicted by •1astic theory may exceed the shear strength of the

ground. Some aspects off .. is situation have been explored by Bleich

et al. (1965). The response of the S-front affects the rate of attenu-

ation of peak vertical and horizontal stress and velocity within the top-

most several hundred feet of the superseismic region, The influence of

this sheer stress upon attenuation has not been systematically examined as

yet. Howev- ', since the total attenuation is relatively small (see fig.

2.26) the rate at which this attenuation occurs is of secondary importance.

The behavi(,r behind the wave fronts within the superseismic region is

affected by the entire stress-strain relation for ground, and limited shear

strength must have some effect upon this behavior. A few calculations have

recently been made, but the writer has not examined the results. However,

since the main response within the superseismic region is a downward com-

pression with relatively little horizontal straining, it might be expected

that the consequences of limited shear strength are relatively minor.

The most important consequence of limited shear strength lies in the

effect upon surface waves. As the analyses summarized in section 2.4.2

have shown, surface waves may involve large shear stresses and always in-

volve tensile stresses (soil, of course, has a very low tensile strength).

Some yielding thus must occur in an intense surface wave. Because some

loss of energy occurs during a cycle of loading-yielding-unloading, the

displacements resulting from surface waves will tend to attenuate more

rapidly with distance than indicated by elastic theory. Thus shear

strength may affect the magnitude of the ground motions within the out-

running region, and vill have a particularly great effect in reducing the

intense, late --criving surface waves predicted for superseismic regions

(fig. 2.30). Only now is this consequence being investigated system-

atically.

Thus, in summary, limited shear strength appears to have relatively

little effect upon those aspects of grouno motion which are associated
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primarily with the passage of airblast directly over a point, but may have

important effects upon surface waves originating nearer ground zero.

Hysteresis: As indicated in fig. 2.40, the stress-strain curve of

soil and rock during unloading generally will not exactly follow the

stress-strain curve during loading This is true for

shear even for stresses much less than the shear-// strength. It is also true for compression.

~ The energy loss associated with hysteresis

will cause attenuation of the response at a super-

seismic wave front as well as attenuation of surface

waves. Two-dimensional problems involving hysteresis

STRAIN have recently been investigated, but again the writer

Fig. 2.40 Stress- has not yet examined the results. However, section
strain carve exhib-

itraing ysrveshis- 2.4.2 has indicated that most of the main features ofiting hysteresis

ground motion within the superseismic region can be

approximated by studying one-dimensional wave propagation within a vertical

column of soil, and some approximate crude studies of the effect of hyster-

esis upon one-dimensional wave motions have been made (Whitman, 1963). By

assuming reasonable values for the energy loss per cycle, it was found that

hysteresis generally will cause less than 10% attenuation of peak stress and

particle velocity within the uppermost 200 ft in the case of a large explo-

sion such as 30 Mt, but might cause very considerable attenuation over such

a depth in the case of a relatively small explosion such as 1 kt. Labora-

tory experiments on long soil columns have shown that the predictions of

this crude theory are substantially correct for depths which are small com-

pared to the wavelength of the airblast (Seaman, 1964 and 1966), which are

the depths of greatest interest in most practical problems.

Viscosity: Soils generally exhibit time-dependent behavior, such as

creep under constant load, for both shear and compression. As with hyster-

esis, viscosity must have some effect upon all aspects of airblast-induced

ground motion. However, the only effect which has been studied in detail,

and then but crudely, is the possible attenuation of peak vertical stres8

and particle velocity with depth (Whitman, 1963). The conclusion was gen-

erally the same as for hysteresis: that attenuation is relatively
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unimportant in the case of large explosions but may be quite important for
wmll explosions.

It is important to note that the stress-strain curve for a viscous

material during a cycle of loading and unloading is very similar to that

for a hysteretic mate-

rial. This is illus- M0
SPR/NG$

trated in fig. 2.41, -IN

using the simplest MO1ASHPOT

viscoelastic model
which exhibits the most

important features of

soil behavior. Thus,

although most of the STrAiN

energy loss in soils
actually results from Fig. 2.4]. Three-element linear viscoelastic

model and stress-strain curve during one-half
hysteresis, the visco- of cycle of loading

elastic model can by

appropriate choice of constants be made to properly represent this energy

loss (Seaman, 1966). Mathematical analysis of wave propagation, particu-

larly in two or three dimensions, is much easier for a line3r viscoelastic

material than for a hysteretic material. The economic advantages of using

viscoelastic theory for studying the consequences of energy losses within

soil may have been greatly overlooked in weapons effects research. The

steady-state problem of airblast moving over a viscoelastic material has

been treated by Rajapaksee et al. (1960), but only limited numerical re-

sults are presented and no attempt has been made co compare these results

with those of the one-dimensional case.

Nonlinearity: Stress-strain curves for soil and rock are usually far

from being linear (figs. 2.39a and 2.39b). This nonlinearity affects pri-

marily the rise times at wavc fronts. As shown in fig. 2. 4 2a, a yielding

type of stress-strain curve means that rise time increases with distance,

because increasing stress means decreasing modulus and thus decreasing

velocity of propagation. On the other hand, a stiffening type of stress-

strain curve (fig. 2.42b) implies that rise time decreases with distance
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a.. PLAS.TIC WAVE BEHAVIOR b. SHOCK WAVE BEHAVIOR

Fig. 2.41 Relation between tlpe of stress-strain curve
and nature of wave front

until a shock wave of zero rise time develops.

Typically, actual stress-strain curves dur-
sr ing loading in confined compressicn are S-s'.aped

as shown in fig. 2.43, having both yielding and

stiffening behavior (for example, see Whitman,

Miller, and Moore, 1964). Hence P-waves :" soil
rmay be either shock waves or show increasing

,YIELDING rise times, depending upon the conditions.

Fig. 2.44 gives results from a laboratory test

Swhich showed shock waves forming at shallow

depths but then degenerating into plastic-type

Fig. 2.43 S-shaped waves. Detailed study (Seaman and Whitman,
stress-strain curve J.964) indicates that shock waves can develop
for confined com-

pression only at very shalloiw depths in soils of low mod-

ulus. Otherwise, ircreasing rise times are to be expected.

Other factors also influence the rise times at wave fronts, and hence

the accelerations at such fronts. Stoll and Ebeido (1965) have studied the
role of viscosity. lieflections among the many small-scale stratifications
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Fig. 2.4I4 Typical changes in wave front
with, depth, as observed in soil shock tube

(from Sea-an and Whi tan, 196L)

and lenses w.ithin a-tual soils also act to scatter the energy at the wave

front and 1-ence cause the oeak accelerations to decrease with distance. It

-I"s extremely difficult to predict peak accelerations from theory alone, -;.nd

heavy reliance must be placed upon actual field obserrations.

Other implications of nonlinearity, as it affects the wave propagation

problem in soils, are treated by Zaccor (1967).

Sunary: The consequences of the nonelastic effects discussed in this

section are still poorly understood. Nonlinearity has an important quali-

tative consequence: rise times at 1:ave fronts are actually finite and in-

crease with dista:•ce rather than being zero as predicted by elastic theory.

The consequences of shear strength, hysteresis, and viscosity are large

quantitatively. These effects cause loss of energy and hence attenuation

of w•ves with distance. "Tnis attenuation appears to be especially impor-

tant for surface waves. For stresses and velocities at P-fronts, attenua-

tion caused by nonelastic effects is similar in magnitude to the attenua-

tion caused by the two-dimensional effects discussed in section 2.4.2

(fig. 2.26).

2.4.4 Prediction of Ground Motions for Engineering Studies. In prin-

ciple, use of modern computational techmiques together with high-speed

digital computers makes it possible to compute the ground motion response

for any soil profile with any desired stress-strain characteristics.
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Within the past several years, since the bulk of this report was written,

there have been opportunities to compare the results as predicted by

lengthy calculations using realistic soil properties with acLual field ob-

servations. Apparently the results have been encouraging, and it may well

be that such calculations can now be used to generate input for cesign.

Because of the cost of a single computer run, there naturally is a tendency

to make a single run using '"best estimate" soil properties. However, in

view of the inevitable uncertainties which (in the writer's opinion) will

always exist concerning in situ soil properties, it is essential that a

series of computer runs be made for each problem, using a range of soil

properties.

Because of these shortcomings of predictions baced on lengthy computer

runs, at the present time the engineer should still rely heavily upon sim-

pler approaches which are based upon field observations organized in ac-

cordance with simple theoretical concepts. There are a variety of such

methods: for example, those presented by ASCE (1961), Wilson and Sibley

(1962), Air Force (1962), Sauer et al. (1964), and Agbabian-Jacobsen Asso-

ciates (1966). Predictions are usually made in two steps. First, peak

stresses and motions are estimated. These estimates can be made with a

fair degree of confidence. Next the time history of the ground motion, or

at least the phasing of the major events, is estimated. Estimates of the

time history cr wave formn are much more difficult and much more uncertain.

A full discussion of these approximate engineering approaches is be-

yond the scope of this report. The general philosophy and approach will be

illustrated by presenting prediction techniques for a specific case:

stresses and ground motions within the superseismic region of homogeneous

ground.

Prediction equations for superseismic region, homogeneous soil: The

prediction methods for this case are based upon one-dimensional elastic

wave propagation theory, with some simple but inexact modifications which

make the predictions more in accord with reality. The extent to which one-

dimensional theory can be used to approximate superseismic behavior has

been illustrated in fig. 2.24.

The first step is to predict the attenuation of peak vertical stress
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witn depth. This is done using the equations

(z) ax= Cs (2.1)

1 (2.2)

t1 1 :

L =23 psi (2.3)w P &Mt)

where p is the peak surface overpressure directly above the point in

question, a is an attenuation factor, z is the depth in feet, and W is

the equivalent weight of the explosive in megatons. Equations 2.2 and 2.3

were originally obtained using a quasi-static calculation which neglects

the inertia of the soil. An example of the attenuatioln predicted by these

equations appears in fig. 2.26. As discussed in section 2.4.2, this result

overestimates the attenuation which occurs within an elastic medium. How-

ever, considering that attenuation introduced by hysteresis and viscosity

cause additional attenuation (section 2.4.3), the predictions obtained by

means of the above equations are, rather fortuitously, in agreement with

the very few measurements of the actual attenuation of peak vertical stress.

Next the peak vertical particle velocity is estimated. According to

one-dimensional elastic theory, this velocity is

(°z _ (0) (2x ))

D
where D is the constrained modulus, CD is the velocity of a P-wave, and

p is the mass density. For a soil with a unit weight of 115 pcf, this

equation becomes:

(*)max 50 in./sec ( psi) (1o00 9•s) (2.5)\lOO psi/\ c

Tt must be emphasized that C serves here as a measure of the resistance

of the soil to compression. The evaluation of this compressive resistance

*:• for a given soil is discussed in section 2.4.5. Equation 2.4, though
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approximate for two-dimensional superseismic motion, nonetheless is a sound

and good approximation. For a given (Z)max , (*)max depends primarily

upon the properties of the soil at the point in question, and only to a

lesser degree upon what happens above or below the point. Of all the vari-

ous aspects of ground motion, peak vertical particle velocity can be esti-

mated most accurately. For near-surface points where a - 1 , it generally

is possible bo estimate (W) to within a factor of 1.3 or at worst a
max

factor of 2.

Peak vertical displacement is more difficult to predict, since this

displacement depends upon the strains developed at great depth. In the

one-dimensional case, the peak displacement is

(w) - (2.6)

where i is the applied impulse; that is, the integral of overpressure

versus time at the surface. Some rationale can be found for applying this

same expression to the two-dimensional airblast problem. For example, it

can be argued that impulse will be approximately preserved with depth down

a vertical column of soil cutting through the two-dimensional field. How-

ever, the best justification for the use of this equation is that it Dro-

vides a simple method which contains the correct factors and which provides

results that are in reasonable agreement with observations. Using an ap-

proximate expression for the impulse within the airblast and assuming a

unit weight of 115 pcf, Equation 2.6 becomes
1 1

(w) = 9 in. 0 psi( (looo fps (-Ž\ CD (2.7)

100 psi CD ilt

Predictions based upon this equation probably are accurate to within a fac-

tor of 2 but may err by as much as a factor of 4 or 5.

According to this approach, the peak vertical displacement is the same

at all depths, which is approximately true for shallow depth (z < 0.3L w) in

homogeneous soils. Clearly this cannot remain true for all depths, how-

ever. The peak transient relative displacement between the surface and

depth z can be estimated from the fact that the maximum average strain
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between the two points must be less than the maximum strain at the surface.

Fonce:

Ps PAW <1-z: cZ (2.8)p p
PC D

For a soil with a unit weight of 115 pcf, this becomes

PS 11000fps2  __Aw < 4.8 in. (0 c ) )(2.9)

Predictions using this equation are probably -ood-to) within a factor of 2

or at worst a factor of 3.

Predictions of peak vertical acceleration depend almost entirely upon

empirical data regarding rise times. If the rise time t is known, and
r

if the particle velocity is assumed to increase parabolically, then

()max_(W) (2.1o)

mnax t r

Near or at ground surface, t is typically observed to be about 2 msec.
r

Using this result and increasing the predictions by 20%o to give a better

fit with observed accelerations, the peak surface downward acceleration

becomes:

s150 gs i00o fps) (2.11)ma')x 0 0og' psi C

The rise time increases with depth, and so the peak downward acceleration

decreases with depth. As an approximation, t can be taken as equal to a
r

constant K times the transit time of a seismic signal from the surface to

the depth considered. Thus

t = KCo (2.12)r DO

where

C,cD
K 1 -(2.13)

CDO
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Here CDO is the dilatational velocity of a seisric level signal. This

leads to:

S( )oort)( K 21f'•)max =5 g's ~ 's (2. 14)

Equation 2.l14 overestimates the peak acceleration at very shallcw depth,

and hence no value greater than that given by Equation 2.11 should be used.

For depths greater than 10 ft, the predictions of Equation 2.14 agree with

field observations to within a factor of 2 or 3.

The foregoing prediction equations give the vertical components of

motion for the superseismic range, Horizontal components can be estimated

from the following rules which are based upon scattered field observations

plus the insight provided by theoretical calculations.

Peak horizontal stress = 2/3 peak vertical stress

Peak horizontal velocity = 2/3 peak vertical velocity

Peak horizontal displacement = 1/3 peak vertical displacement

Peak horizontal acceleration peak vertical acceleration

The wave form for verti-

cal stress (the wave form for

PS particle velocity would be

Su similar) is shown in fig.

2.45. Basically the wave form

4' is that of the airblast over-

pressure, with the peak atten-

uated according to Equation

2.1 and the rise time in-
0 o creased according to Equation

preserved with depth, there

S\ tr -'KCVO

a f Fig. 2.45 Distribution of
-I stress at time t after

zrs__Ps_ airblast passes point on
ground surface
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must be some lengthening of the tail of the wave form. Wave forms of ac-

celeration and displacement can be derived from the time history for paxti-

cle velocity.

Needed research: The foregoing prediction equations for ground mo-

tions within the superseismic region of homogeneous ground illustrate the

blending of simple theo.:'-tical concepts and field observations in order to

arrive at a self-consistent and simple set of prediction equations. There

is a need to develop more complete prediction techniques which will thke

into account such complexities as layering of the ground. The development

of such advanced procedures must be based upon two principles:

(a) The procedure must permit the user to understand clearly the link

between assumption and result, so that he can use his judgment

and experience in assessing the probable accuracy of the result.

(b) The procedure should be adequately based upon actual field ob-

servations. Limited confidence can be placed in any prediction

unless it represents only a modest extrapolation of that which

is already known through experience.

Engineers and scientists should avoid lengthy computer runs in whi:ih many

new complexities are considered at the same time. However, it is essential

to have computer studies in which the effect of each variable, or groups of

variables, is examined singly and the resllts are compared with field ex-

perience. In this way it will be possible to build confidence in the use

of complex computer programs and at the same time to form. a basis for de-

veloping more versatile and yet simple and reliable prediction techniques.

2.4.5 Requirements for Data Regarding Soil. Table 2.5 summarizes the

requirements for soil data in connection with predictions of airblast-

induced ground motions.

When the simple prediction techniques discussed in section 2.4.4 are

used, there is only a limited requirement for specific values of certain

soil parameters. By far the most important parameter is the secant modulus

of soil in confined compression (constrained modulus) for the stress incre-

ment of concern. A value of this modulus is needed for every prediction.

It can -well be said that no prediction can be more accurate than the esti-

mate of the constrained modulus. This modulus is related to the velocity
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Table 2.5

Requirements for Data on Soil Properties in Connection

with Airblast-Induced Ground Motions

1. Data for Studies to Ascertain Importance and Effect of Various Features

of Soil Behavior

Need to 4dentify key features of behavior and to establish general

range of values for key parameters such as:

compressibility

shear strength

energy loss per cycle of loading

time-dependent effects

2. Data for Use in Simple Prediction Procedures

a. Modulus in confined compression

- Needed for every prediction

- Alternatively can use C = dilatational velocity of peak stress

b. Seismic dilatational velocity

- Useful for judging variation of rise time with distance

- Useful as indirect measure of modulus during confined compression

c. Energy loss per cycle

- Of some use in judging relative attenuation at various sites

of ptopagation for the peak level of stress, and is generally less than the

seismic wave velocity as conventionally measured in the field. While the

seismic dilatational velocity is useful as a crude estimate for the modulus

in confined compression, reliable estimates of ground motions can be ex-

pected only when a direct determination is made of either the modulus or

the propagation velocity CD for peak stress. Some direct use can be made

today of the energy loss per cycle for a soil; however, the computational

techniques needed for a full use of this quantity are still under develop-

ment.
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There is a growing requirement for detailed soil data rega'-ding vari-

ous sites to be used in complex computer codes. The most important param-
eters appear to be compressibility, shear strength, and energy loss per

cycle of loading. Evaluation of such parameters will require considerable

effort and expense in field exploration, sampling, and testing, and it is

essential that there be close liaison between those providing the soil data

and those who write and use the computer codes.

2.5 SOIL-STRUCTURE INTERACTION WITH AIRBTAST-INDUCED S?.RESS WAVES

As noted earlier, soil-structure interaction concepts are used (a) to

design the structural shell to carry the applied stresses, and (b) to de-

termine the motions of the structure as an input to the design of any shock

isolation systems necessary to allow the personnel and equipment to survive

the motions. The inputs for these considerations are the free-field

stresses and ground motions as discussed in section 2.4.

The design of buried protective structures is even more complicated

than the evaluation of free-field ground motions and stresses. Detailed

discussions are provided by Merritt and Newmark (1964), Agbabian-Jacobsen

Associates (1966), and Newmark and Haltiwanger (1962). This section will

be restricted to the most essential soll mechanics considerations. Sec-

tions 2.5.1 through 2.5.4 will P0 Pa

discuss methods for estimating • N -)..

tle stresses reaching buried

structures of different geome-

tries (fig. 2.46). Section a. BURIED CYLINDER b. BURIED RECTANGULAR

2.5.5 will discuss the motions STRUCTURE

experienced by such buried 7, 7 7 .7 , ',7, / N

structures. The emphasis will

be on the relation between soil

properties and response. N

2.5.1 Buried Horizontal
c. BURIED STRUCTURES d. SILO3

Cylinders. Horizontal cylinders SUPPORTED ON FOOTINGS

• buried at shallow depth can, Fig. 2.46 Typical configurations of .

with proper backfilling, sustain buried structures

I !
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large applied stresses owing to their

favorable structural configuration.
Proper backfil-ling prevents excessive00

a. DEFrL•TIONS b. BEGINNING OF" lateral deformation followed by a caving

PRIOR TO COOLAPSE BY in of the cylinder crown (see fig. 2.47).
CAVING AT CROWN

Careful backfilling is always justified

Fig. 2.47 Collapse of poorly economically in protective construction.
backfilled, horizontal, buried It also is often justified in conven-

flexible cylinder
tional engineering, especially where

circular conduits are in use under dams and embankments up to several

hundred feet in height.

It has been shown (Luscher, 1963; Dorris, 1965) that for shallow

burial the dynamic response is similar to the static response under an

applied surface loading equal to the peak dynamic pressure. This simi-

larity has been used extensively in the past to learn from much simpler

static tests a great deal about prototype dynamic behavior. Most of the

following rules were, in fact, developed on the basis of small-scale static

tests.

Provided that careful backfilling keeps the latera± leformations

small, elastic theory provides reasonably accurate estimates for the

stresses between the soil and the cylinder. That is, the shear stresses

within the soil (except perhaps in a very small zone right next to the

structure) remain less than the shear strength of the soil until structural

failure develops. The validity and

usefulness of elastic theory have been

demonstrated by small-scale tests by

H3eg (1966), for a wide range of cyl-

inder stiffness. Fig. 2.48a shows a

typical pattern of contact stress. De-

pending upon the relative stiffness of a. RIGID CYLINDER b. WELL-

the structure and the soil, the peak BACKFILLED
FLEXIBLE CYLINDER

contact stress may be eitler somewhat
Fig. 2.48 Distribution of

greater or somewhat less than the sur- s r se agaistr horizon taf
stresses against horizontal

face overpressure. Suitable values for buried cylinder
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the modulus of the soil may be determined from confined compression tests.

The proper value for this .mdulus will vary depending upon the. magnitude of

the applied overpressure.

For the special case of a flexible buried cylinder, after a small

amount of' deformation the stresses between the cylinder and the soil become

uniform (fig. 2.48b). The amount of deformation req'dired to reach this

condition can be estimated using the theory proposed by Spangler (196o):

but using values of laters' resistance coefficient much larger than those

suggested by Spangler (see Lambe, 1963). For such a situation, the criti-

cal design force is the ring compression, which may cause failure by either

buckling or compressive failure. (If buckling in the inelastic range is

also considered, compressive failure actually corresponds to inelastic

buckling.) The compressibility of the soil backfill is an important factor

with regard to the susceptibility cf the cylinder to buckling. The buck-

ling equation is (Luscher, 1965):

c' =K El (2.15)
z 3R

where

= free-field vertical soil stress lcading to buckling; for shallow
burial, a; is equal to the pressure applied at the surface

K =a factor which takes into account the depth of burial and other
geometrical aspects of the problem

EI = flexural rigidity of cylinder; if E is defined. as the tangent
modulus of the cylinder material at any stress level, the equa-
tion is valid for inelastic as well as elastic buckling

R = radius of cylinder

M = constrained modulus* of the soil backfill; may be a function
of ('

z

Table 2.6 gives results computed by means of this equation. With a

diameter/thickness ratio D/t = D/tcr , elastic buckling occurs at a ring

stress just equal to the yield hoop stress. If the design stress a, is

! * The modulus M is the same as the modulus D in section 2.4. The
symbol M is used here to avoii confusion with the diameter D.
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I

% ~less than the tabulated values of (') ,teoacnbecridms

efficiently by choosing D/t > D/tcr , and failure iould then be by elastic

buckling. If the design stress is greater t.an (;)c , the load can be

most efficiently carried by choosing D/t < D/tcr and failure would then

be by compressive yielding (irelastic buckling).

11Thus, modulus as measured in confined compression is the key soil

pr3,perty governing the interaction between soil and well-backfilled hori-

zontal cylinders. This is true whether the cylinder has some rigidity and

faills by yielding in bending or is extremely flexible and fails by elastic

or inelastic buckling.

2.5.2 Buried Closed Rectangular Structures. Structures of this geom-

etry are used w•hen moderate stresses, say up to 100 psi or maybe 200 psi,

are to be sustained. The load-

ings sustained by the relatively

flexible and ductile roof' (fig. .EMSRAN t .

2.';b) have often been observed SOIL

to be considerably reduced com-

pared to the pressures applieed

at the surface (Bultmann et al.,

1959). Fig. 2.49 Trapdoor experiment

The fundamentals of this situation have been studied by means of so-

called "trapdoor" experiments (fig. 2.49). Here a movable piate in the

bottom of a bin of soil is moved away from the soil, simulatirg a flexible

CHANGE IN FORCE roof of a buried structure, and
AGA INST

PLATE the force against the plate is

observed as a function of the

T movement. Experiments have also

been nmde in which the plate Ls
MOVEMENT

-O V +8 pushed into the soil, simulating

the behavior of a very rigid

buried structure. Fig. 2.50

shows a typical set of results.

Fig. 2.50 Results of trapdoor For small movements, the
experimert behavior of the soil is
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essentially elastic, and the force-

deflection relation can be estimated

S.EAR from elastic theory (Finn, 1963;
TRESSES Chelapati, 1964).

With larger mcvernent of the

plate away from the soil, a limiting

force is reacled. This limiting con-

__dition is called positive arching,

f since the shear resistance of the
THRUST ON

PLATE soil acts to decrease the force
Fig. 2.51 Marston-Spangler theory

for arching against the plate. Fig. 2.51 shows a
hypothetical model, originally pro-

posed by Marston (Spangler, 1960), which has often been used to estirnatc-

the load reaching the plate. This classical method has been extended (New-

mark and Haltiwanger, 1962) to take into account the compressibility of the

soil and only partial mobilization of-shear stresses along the hypothesized

vertical failure surfaces. Other theories for~estimatirg the reducxion in

stress have also been advanced, bagpd upon the concept of formation of

arches over the structure (Mason et al., 1963; Luscher and H3eg, 1965;

Nielsen, 1967).

While there is considerable doubt as to the exact mechanism of arching,
the procedures outlined by Newmark and Haltiwanger give reasonably good

agreement with the available data regarding buried structures.

-With large movement of the plate into the soil, there is also limiting

force corresponding to negative arching. Th2 Newnmark-Haltiwanger theory,

with shear stress acting in the opposite direction, can also be used to

estimte this limiting force.

The application of these principles to buried rectangular structures

indicates a distribution of stress against the top of the structure as

shown in fig. 2.52. Because of the flexibility of the roof and base in

bending, the vertical comprczzibility along B-B is greater than the verti-

cal compressibil- ,y of the soil (A-A). Hence the stress over the major

portion of the roof is less than the average stress at this elevation.

However, the walls (C-C) are generally stiffer than the soil, so that
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negative arching occurs over

the walls. P A -

The stresses on th1rc

vertical sides of the rec- - RI 7/oN
Or STRCSS ON
HORIZONTAL

tangular structure are -PLANE ACROSS

computed as percentages Ko

of the dynamic vertical
Sstress. Proposed values of

stres. Propcosedfvuesofi Fig. 2.52 Arching at closed rectangular
K , the dynamic coeffi-stuur

0 structure
cient of lateral stress,
range from 0.25 to 1.0 depending upon the type of soil and the degree of

saturation with water (Newmark and Haltiwanger, 1962).

2.5.3 Buried Arches or Rectangular Structures Supported on Footings.

Structures supported on footings (fig. 2.46c) can generally be used for

relatively small pressures only (up to 50 or maybe 100 psi). As the foot-

ings punch into the supporting soil, the structure can move downward with

respect to the soil at the side of the structure, thus permitting consider-

able positive arching to develop above the structure (fig. 2.53). Thus,

because of the flexibility

........ ... .-* ........ .introduced by the footings,

even rather rigid structures
S-StReSSON such as w ell-backfilled

HORIZONTAL
PLANE ACROSSrop orsrIucTUr arches will experience verti-

cal loads much less than the

overpressures applied at

Fig. 2.53 Arching at structure supported ground surface (Allgood

Son footings et al., 1963; Gill and
i: Allgood,- 1964).

Design of the footings is a key step in the design of this type of

buried structure. Use of narrow footings means more effective flexibility,

hence more arching and smaller loads reaching the structure, and thus a

more economical structure. On the other hand, too narrow a footing may

• ilead to intolerably large movements of the structure. The design of foot-

ings hence must strike an optimum balance (Whitman and Luscher, 1965).
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Numerous small-scale tests have been made to study the behavior of

footings subjefted to transient loads (for a summary, sue Whitman and

Luscher, 1965). Since the idea is to permit relatively large settlements

(perhaps as much as 6 in.), complete or partial shear failures develop be-

neath the footings and hence shear strength is the most important parameter

governing response.

2.5.4 Vertical Cylinder (Silo). This type of structure (fig. 2.46d)

has received wide usage as a protective housing for missiles. Approaches

used in designing silos are discussed by Newmark and Haltiwanger (1962).

There are three major concerns with regard to design.

First, the radially applied stresses, both static and those resulting

from surface overpressure, must be considered. Since silos are quite

thick-walled, little if any positive arching occurs. These stresses are

hence based on K values as discussed in section 2.5.2.
0

Second, since the surrounding soil generally is more compressible in

the vertical direction than the silo, downward drag forces upon the silo

will develop. These drag forces increase the vertical stresses for which

the silo walls must be designed. Evaluation of these forces is similar to

the evaluation of possible wall shear forces at retaining walls.

Third, because the dynamic motions of the surrounding soil vary with

depth, silos tend to bend as cantilever beams. The result is a very com-

plicated problem in soil-structure interaction, in which the deformation

modulus of the soil plays a key role. Numerous complicated computer pro-

grams, usually based upon elastic theory, have been written to permit anal-

ysis of this interaction, but practical work still relies heavily upon

rather simple and intuitive design rules to guard against possible adverse

effects of this interaction.

2.5.5 Motions of Buried Structures. As discussed in sections 2.5.1

through 2.5.4, relative motions between structure and soil have important

influences upon the loads for which the structures must be designed. The

absolute motions of buried structures are also important, since these

motions can cause damage to equipment mounted within the structure or

injury to personnel. In assessing possible damage to contents, and in de-
signing shock mountings to minimize this damage, the peak acceleration and
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peak particle velocity of the structure are most important. Peak displace-

ment is important in providing adequate "rattle space" around very soft

shock mountings.

In most analyses of the effects of structural motions, the absolute

motions of the structure are assumed to be equal to the free-field motions

of the surrounding soil. That is, the relative motions are neglected.

In part this assumption stems from lack of knowledge as to the actual

effect. Differential motion of the structure with respect to the surround-

ing soil was studied by Heller (1965). His pilot study indicated that

"rigid" inclusions, regardless of their density, displaced into the soil in

the direction of the propagating soil stress wave. More rigid structures

(which were also denser) experienced greater differential motions than less

rigid ones. The maximum differential displacement between a stiff inclu-

sion and the srrounding soil was of the order of one-third of the maximum

absolute displacement of the inclusion. While tests of this type and com-

puterized theoretical studies can give some indication of the difference

between free-field and structural displacement, it is much more difficult

to establish differences in free-field particle velocity and acceleration,

especially for nonrigid structures. Except possibly for displacement, the

rule that structural motion equals free-field motion generally leads to

reasonable and satisfactory designs.

Design of shock mountings is usually based upon a response spectrum

approach. As shown in fig. 2.54, a spectrum is usually constructed by

drawing three lines at:

(a) A spectral displacement equal to the maximum free-field

displacement.

(b) A spectral velocity 1.5 times the maximum free-field particle

velocity.

(c) A spectral acceleration 2 times the maximum free-field

acceleration.

The factors of 1.5 and 2 take into consideration the amplification of tran-

sient base motion by a single-degree-of-freedom spring-mass system. For

the spectrum shown in fig. 2.54, a component with a natural frequency of

30 cps would experience an absolute acceleration of 21 g's and a
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displacement of 0.23 in. relative to its mounting point. The above rules

for determining the design response spectrum were specifically developed

for superseismic conditions.
2.5.6 Requirements for Data Regarding Soil. As for the topics con-

sidered in sections 2.3 and 2.4, there is a great need to study the impor-

tant features of soil-structure interaction using computerized theories

which can handle complex geometries. This is especially true for compli-

cated soil-structure systems such as footing-supported structures and

silos. Much can be done using linear stress-strain relations, but nonlin-
ear behavior must soon be considered for situations such as footing re-

sponse. As in the case of free-field ground motions, very general informa-

tion concerning the qualitative and quantitative behavior of soil is re-

quired for these studies. The most important parameters a~re shear strength

and compressibility.

The requirei,4nts for specific values of certain soil parameters for

use in engineering design are summarized in table 2.7. The most generally

required parameter is K , the coefficient of lateral stress at rest.
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Table 2.7

Requirements for Data on Soil Properties in Connection

with Soil-Structure interaction

Type of Structure Soil Property Required

Horizontal cylinder Compressibility, for evaluation of arching

K , for estimating horizontal stress against rigid
°structures

Closed rectangular Compressibility, for evaluation of arching
box Shear strength for evaluation of arching

K , for estimating horizontal stress

Footing-supported Compressibility, for evaluation of arching and footing
structure response

Shear strength, for evaluation of arching and footing
response

K , for estilinating horizontal stress
0

Vertical cylinder K , for estimating horizontal stress
0

Shear strength, for estimating vertical drag forces

Compressibility, for estimating vertical drag forces

Values of this parameter can be estimated using ordinary soil mechanics

considerations, keeping in mind that K. approaches unity for fully or

nearly saturated soils loaded rapidly enough to have undrained conditions.

Compressibility (or modulus of deformation) is of prime importance for

evaluating arching. Shear strength is usc'ý extensively in the evaluation

of arching, although the writer suspects that the use of arching theories
is overdone since large zones of shear failure probably develop only in
extreme cases such as footing-supported structures. If structures are to

be supported on footings, static plate bearing tests should be conducted at

the site at the founding depth as the resulting load-displacement curves

can sometimes be related to the dynamic load-displacement curve of interest
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by using the ratio of dynamic to static shear strengths of the soil to

adjust the plate bearing results.

2.6 DIRECTLY INDUCED STREVS WAVFq

This section is concerned with the stress waves which nove directly

outward along radial lines from the point of the explosion. Stress waves

of this type are encountered (a) near a deeply buried explosion which pro-

duces a cavity but does not vent to the surface, (b) immediately below a

near-surface explosion which produces a crater, and (c) at near-surface

points very close to the edge of the crater. This section is concerned

with the free-field stresses and groand motions associated with such stress

waves. Section 2.7 discusses briefly the problem of soil-structure inter-

action involving such waves.

When considered in more general terms, the problem of ddrectly induced

waves becomes qiite complicated. If the properties of the earth vary with

depth, these waves no longer move simply along radial lines. Near ground

surfaae, directly induced waves and surface waves originated by airblast

become almost indistinguishable, as in fig. 2.36. Various intuitive tech-

niques have been evolved to estimate the effects of these complexities, but

there is little basis for faith in the results.

2.6.1 Basic Phenomena. Spherical wave propagation from a cavity is a

one-dimensional problem, in that only one coordinate (the radius) and one

displacement (radial- motion) are needed to describe the problem. However,

spherical wave propagation differs significantly from the true one-

dimensional form of wave propagation discussed in section 2.4. These dif-

ferences arise from two considera-

_•-tions indicated in fig. 2.55.

(a) The surface area encom-

passed by a spherical wave

front increases with the

ft -distance traveled.

(b) Outward motions give rise
Fig. 2.55 Movement and deformation to circumferential strains.
of an element of soil behind spher-

ical wave front If a point at radius R
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moves outward by an amount u , the circumferential strain will

be tensile and equal to u/R . Right at the wave front where the

motion is still zero, the circumferential stress will be equal to

the coefficient of lateral stress at rest, K , times the radial

stress. However, as soon as the point begins to move, the cir-

cumferential stress will decrease and will even become tensile

(see fig. 2.56).
Even for an elastic material, these two effects combine to cause attenua-

tion of peak stress with distance and smoothing out of an initially sharp

wave front together [v'-'" 2,.,

with broadening of -o 222.5 ( Rodiee.aMotion)

the stress pulse. -06 -" 342.5'

Because the differ-

ence between the -04 - '

radial and circum-
-02- 1

ferential stresses

may beccme quite 20 00

large, the material 02L 0. RAOIAL STRESS

may fail in shear ,,
and either crack or 22.5' (od.., D,,tonc)

flow plastically. 03"

Such a failure will
b 02-*"

cause increased at-
1 5

tenuation of stress
1 0.,* ndsmoothing of the Cc

stress wave, as ,

illustrated in Time, '00 ,20 -

fig. 2.57. 0o/
D Despite the f E

e- U 6. YtNGENTIAL STRESSapparent simplicity W.- (?PCIUMFERENTIAL)

of the pattern of
of tCAVITY 

RADIUS: 207.5 FT

spherical waves E = 1000 KSI

Fig. 2.56 Stresses caused by pressure in
emergng fom acay-spherical cavit-r within an elastic body

ity, the situation (from Ang and Ranier, 1964)
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Sc still is complex
APPLiED PRESSURE Ar r:84s or mathematically. Even

k•----r--os'rr

r 60 for an elastic mate-

•, rial, the rate of0i 0 .- •-r -- 945 •rr
40, , . attenuation of motion

J •is noL constant with

20- distance. For ex-
ample, peak radial

-- particle velocity
d. RADIAL. STRESSES 2

z2 varies as 1/R- near

-. • the cavity but as0 IC,o- // / ,--1•-/R at great dis-

" /tances from the cav-

. ity. Attempts to in-

.0 /corporate limited

shear strength, orz -to r=945 Fr

-2 r -- other realistic soilzk ELASTIC-PLASTIC
0 0,2-o ror rock properties,

r uinto calculationsS~RADIUS OF CAVITY=645 F'TE=907 KSI

-30 YIELD LIMIT IN SIMPLE SHEAR=20 KSI immediately add

greater complexities.

-40 2 0 0 8 I Any completely satis-0 20 40 60 80 too 120

TIME, MSEC factory calculation
b. TANGENTIAL STRESSES

must start with the
Fig. 2.57 Effect of yield strength on stresses hydrodynamic range
catsed by pressure within a spherical cavity

(from Ang and Ranier, 1965) and work outward into

the region where the

shear strength of the soil is of significance. The assumed stress-strain

and failure relations will have a considerable influence on the predicted

results.

More calculations, using a variety of reasonable assumptions as to

stress-strain behavior and with a range of values for the key parameters,

should be carried out to increase our kmowledge as to the possible and

probable behnvior of directly induced stress waves. An example of
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calcul.-tions which have already
provided useful insights is ITT.. .

using an elastoplastic model

with a fixed yield point.

Other studies, which the 10

writer has not examined, have

very recently been completed.

2.6.2 Prediction 0

Methods. The various theories 2

mentioned above generally axe
-J •. COMPOSI TE CURVE

too complex for practical pre- -
U

dictions of ground motions and 3

stresses. Hence, simple pre- I " I3

diction methods have been de-

veloped, using the results of

theories to guide the form of
z 10

equations and field results to Y

give ntumerical coefficients. ,.
0

A comprehensive survey of u LEGEND

data, including relatively re- .O FF.1 -1

1.0 COEFF.
cent data, is given by Sauer * SALT 1o

(1964) in Part IV of NUCLEAR A GRANITE 1.3

0 TUFF 14

G]LXPLOSICS. Fig. 2.58 gives X ALLUVIUM 102

a chart for peak radial ac- [
celeration. Table 2.8 gives 0.1 , . 10 io 2

an equation and coefficients SLANT RANGE, 102 FT/KT
1 /3

. for peak radial velocity. Fig. 2.58 Chart for prediction of

Fig. 2.59 gives curves, peak radial acceleration (from

based on elastic theory, for NUCLEAR GEOPLOSICS, Part IV)

predicting peak displacement. The predictions cobtained using this latter

figure are described as upper bounds. The user of these curves anl equa-

tions must judge for himself how the soil or rock with whicii he is dealing

compares with the four materials for which results are given.
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Newmark and Haltiwanger (1962) give the following equations for pre-

"dictirýg direct-induced ground motions:

S(wW )).(~
ar =0.16 g 5/ (1000 ft35 CD(2.16)Sr = 7W• R 000 fps

Vr =0 .95 fp(s- 5/6 (lOoft 2 '5 ( D10GOp) (2.17)

ekr dl = 3.8 in. (W--) (2.18)

a re peak radial acceleration, g's

W = weapon yield, Mt

R = radius to point. ft

CD = seismic dilatational velocity, fps

v = peak radial particle velocity, fps
r

d = peak radial displacement, in.i r

These equations contain a numerical factor, the seismic velocity, which

accounts for the type of soil or rock. The trends which result from vary-

ing this factor are similar but not identical to those indicated by Sauer's

factors. Note that the motions are smallest in the more compressible mate-

rials; i.r. the greater attenuation more than offsets the greater compres-

sibility. The use of seismic velocity does not imply that the soil or rock

is elastic under the large stresses involved in such waves. However, at

the time of this writing, use of seismic velocity plus the numerical coe2-

ficients in the equations provides the best method for accounting for the

combined elastic and plastic action of various soils.

Theoretically, directly induced waves should not cause tangential

motions. In actuality, such motions occur because of the heterogeneous

nature of actual earth.

No simple, proven prediction methods are available for radial stress,

primarily because there have been essentially no satisfactory measurements

of actual stresses. Peak radial stress may be estimated as PCDV , where

p is the mass density.
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As an example of the prediction techniques, let us estimate the mo-

tions at a depth of 1.200 ft below a 20-Mt surface burst ii. a rock with a

seismic velocity of 10,000 fps. Referring to section 2.2, we see that this

depth is somewhat over twice tbe depth of the apparent crater. The mass

density may be taken as 4.7 slugs/ft 3 . The predicted peak radial motions

and stresses are:

a 0.36(20)5/6 (083)3"5(10)2 = 2300 g'sr

v 0.95(12.2',(0.635)(10) = 73.5 fpsr

d = 3.8(12.2)(0.76) = 35 in.
r

Radial stress = (4.7)(lO,OOO)(73.5) = 3,500,000 psf

Radial strain = 73.5/10,000 = 0.-K

If the seismic velocity were 2000 fps, the acceleration, particle velocity,

and stress would be reduced, while the displacement and strain would remain

unchanged.

2.6.3 Requirements for Data Regarding Soil. As with all of the other

aspects of nuclear weapons effects which have already been discussed, there

is need for mathematical models for stress-strain behavior and for ranges

of values of the parameters involved in these models. These models and

parameters should first be used in calculations aimed at elucidating the

general features of directly induced stress waves, and then, after verifi-

cation by field experience, they may become useful for actual predictions.

Snear strength is of particular importance for study of this type of stress

wave, in addition, of course, to compressibility. Shear failure during

passage of the wave may well account for most of the apparent damping at

close-in points. At greater distance, it will be necessary to consider

hysteretic damping.

The one type of data which is useful for the simple prediction tech-

niques is the dilatational seismic wave velocity.

2.7 SOIL-STRUCTURE INTERACTION WITH DIRECTLY INDUCED STRESS WAVES

As the numerical example in section 2.6 shows, any structure which is

to survive and function near a crater must withstand a very severe
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environment. Fig. 2.60 shows a

suggested design concept for such

structures. The soft backpack-

ing, which might be a plastic .. .. COMPRESSIBLE

foam or foamed, lightweight con- BACIPACKeINO

crete, reduces the acceleration,

particle velocity, and stress
* CONCRETE OR

reaching the structure and ab- S SEL LINER

sorbs any relative displacement

between the earth and the

structure.* The earth around Fig. 2.60 Structural concept for

the cavity containing the struc- regions of extremely large stress

ture must be able to sustain the

large free-field stresses without crushing the cavity. Hence structures

Smust be located in rock, and the major problems are ones of rock meclhanics

rather than soil mechanics. The concentration of stress at the boundary of

the cavity and the compressive strength of the rock become crucial fa-ctors.

The backpacking also serves to absorb the kinetic energy of pieces of rock

which spall or are squeezed from the cavity wall.

The degree of stress concentration at the cavity walls has been in-

vestigated extensively (Baron et al., 1960; Baron and Parnes, 1961). For-

tunately, the stress concentration during passage of a stress wave is only

about 11o greater than the stress concentration in a static stress field.

2.8 SUMMARY OF SOIL DATA REQUIREMENTS

As has repeatedly been suggested in this chapter, requirements for

soil data in connection with weapons effects studies and protective con-

struction design should be divided into two categories.

On the one hand, models for stress-strain behavior and numerical val-

ues for the pertinent parameters of these models arc required for theoreti-

cal analyses which study the effects of ooundary conditions and soil

r'Large attenuation will occur provided practical means are employed to
keep soft backpacking material from becoming saturated with groundwater
after installation.
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properties upon the magnitude and time history of free-field ground motion

and structural response. Because of uncertainties regarding the assump-

tions and soil properties, the results of any single theoretical analysis

should not, at least at the present, be relied upon for design purposes.

Rather, there should always be a series of computer runs using input which

brackets the range of uncertainty regarding the assumptions and soil prop-

erties. Reascnable stress-strai.n models are discussed in section 2.8.1.

Evaluation of parameters for use in design studies should be attempted only

by experienced soil engineers working in close collaboration with the

developers of the computer codes.

On the other hand, specific values of certain soil parameters are re-

quired for the simple rules of analysis which are currently' in use and

which, with suitable updating and improvement, should continue to be used

at least for preliminary analysis and design. Such rules must permit the

user to understand clearly the link between assumption and result, so that

he can use his judgment and experience in assessing the probable accuracy

of the result. The procedures should also be adequately based upon actual

field observations, and should represent only a modest extrapolation of

that which is already known through experience. Expn-ples of such pro-

cedures have been provided in the several sections of this chapter. The

requirements concerning specific values of parameters are summarized in

section 2.8.2.

Finally, it maist be mentioned that the routine soil investigations

required for any construction upon or in soil must also be made in connec-

tion with protective construction. Such investigations include standard

penetration tests and determinations of grain size characteristics, water

content, and Atterberg limits. At a minimum, such information is required

to permit economical design against the purely static aspects of

construction.

2.8.1 Stress-Strain Relations in General Terms.

Behavior in compression: The compression curves in fig. 2.61 repre-

sent the writer's ideas of the important general features of the stress-

strain behavior in undrained compression. These features are: (a) ini-

tially the curve is coilave to the strain axis; (b) finally the curve is
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I
concave to the stress axis; (c) one

cycle of loading and unloading leads I
to a residual strain and is accom-

panied by an energy loss; (d) sub-

sequent cycles of loading and un- AFTER
w

loading produce similar curves, CYCLES

although the additional residual
0,

strain and energy loss associated

with each cycle gradually decrease UJ

with successive cycles; and COA'P•SSVE STRA.N -

(e) after many cycles of loading Fig. 2.61 Typical stress-strain

and unloading, an essentially stable cur-.es in hydrostatic or con-

hysteresis loop is developed, fined com.:ession

These concepts concerning compression behavior have come primarily

from one-dimensional compression tests but are equally applicable to a

state of hydrostatic compression. Even when no shear stresses are present,

soil will generally be anisotropic; that is, application of hydrostatic

stress will not cause equal strains in all directions. The presence of

initial shear stresses will lead to additional anisotropic behavior. The

possible importance of this anisotropic behavior in stress analysis prob-

lems has received little study. Although there is little quantitative data

on the possible and probable amounts of anisotropy, this effect should be

included in some analyses for comparative purposes. For most theoretical

analyses, at the present time at least, it should suffice to assume that

soil is isotropic in pure compression. If isotropy is assumed, the curves

in fig. 2.61 relate any normal stress change to the corresponding linear

strain change or the average normal stress change to the volume change.

S3ehavior in shear: The two diagrams in fig. 2.62 show the essential

general features of the undrained response of soil to the application of

shear stresses.

The essential features of the behavior in shear are: (a) the curves

for luading are concave to the strain axis almost from the very beginning

of loading; (b) there is i,• limit beyond which the shear stress cannot in-

crease; (c) the limiting shear stress is reached at a strain much larger

85



INCREASE than the strain obtained by project-
ing the initial. tangent up to the

level of' thle limit-ing shear stress;

(d) a change in volume, generally a

z volume increase, occurs as the shear
X
U

stress is increased; (e) one cycle

Sof loading and unloading leads to a
> / GENERALLY A

VOLU.i- INCEASE residual strain and is accompanied

by an energy loss; (f) subsequent

FOR SOFT SOILS, MAY BE Aofadp-
VOLUM.,E DECREASE cycles of loading and unloading pro-

duce similar curves, but the addi-

LIMITING tional residual strain and energy
S T P LES S ---.STPESS•'--- •• loss associated uith each cycle de-

W LAPGOZ ACCU.,'JLATION
C- OF blR..IN W'ITHI FSAC crease during the first several

SUCCESSIVE CYCLE

W TAZE cycles following the first cycle;A HYSTEPLSISr 

LtPR

LOP L/O (g) for shear stress levels less
HY ....... 4 than about one-half of the limiting

SHEAR sT•,N stress, an essentially stable hys-

Fig. 2.62 Typical stress-strain teresis loop is developed after many
and volume change curves in shear cycles of loading; (h) for greater

shear stress levels, a considerable residual strain occurs for each cycle

of loading, regardless of how many cycles are applied; and (i) the volume

of the soil generally increases as shear stresses are increased and de-

creases as shear stresses are decreased.

The fcregoing concepts concerning shear behavior have come mainly from

triaxial compression tests involving a change in average normal stress as

well as a change in shear stress. However, these concepts are applicable

to a stress state involving rhange cnly in the shear stress.

The proper way to formulate the stress-strain behavior of soil for

three-dimensional shear is not at all clear. In the first place, there is

no general agreement on whether the state of limiting shear is controlled

by a Mises, Trt3ca, or some other failure criterion. If the magnitude of

the shear stress in the x-y plane affects thc maximum shear stress that can

be applied in the y-z plane, it is reasonable to expect that the shear
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strain in the y-z plane prior to failure will be influenced by the shear

stress present in the x-y plane. However, there appears to be almost no

information which can be used to formulate an appropriate stress-strain

rule for three dimensions. Fortunately, there are a host of two-

dimensional problems that need solving before it really becomes essential

to consider three-dimensional effects. While it is essential to formulate

problems in three dimensions, it is appropriate at this time to adopt a

simple form of stress-strain rule.

Time effects: Since the stress-strain behavior of soil is definitely

time-dependent, it is somewhat meaningless to indicate a typical shape for

a stress-strain curve. However, the available evidence suggests that time

effects are "relatively unimportant" in dynamic probiems as long as the

iise time and duration of the applied stress are between 5 msec and about

5 sec. To illustrate what is meant by "relatively unimportant," imagine-

a stress pulse with a duration of 1 sec. The stress-strain curve for soil

in response to this stress pulse would be substantially the same whether

the rise time to peak stress is 5 or 20 msec.

There is evidence to indicate that time effects become very impcrtant

when the duration of the stress pulse drops to about 1 msec or less. It is

also true that stress-strain curves will often be quantitatively quite dif-

ferent for 5-msec rise times than those for 5-min rise times. In some

problems time effects can be ignored, but in others they must be consid-

ered. The possible importance of time effects needs more study for

specific situations.

Need for simplification: The stress-strain patterns in figs. 2.61 and

2.62 are enormously complicated. The problem becomes even worse when one

attempts to express the curves in quantitative form, since for example the

magnitude of the tangent shear modulus depends upon the magnitude of the

average normal stress. Simplifications of these relations are necessary

for any theoretical calculation. The type of simplification that is ac-

ceptable depends upon the particular problem at hand. Possible simplifica-

tions are discussed in the following sections.

This discussion will for convenierce be divide into three rather

arbitrary subsections: (a) simple dynamic problems in which wave
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propagation effects are neglected.; (b) wave propagation problems involving

consideration of stresses, particle displacements, and particle velocities;

and (c) wave propagation problems involving consideration of particle

accelerations.

Simple dynamic problems: A problem falls into this category when the

mass of the soil is considered to be concentrated at a point rather than to

be distributed. Foundation vibr•.tion problems are often treated this way,

although it is now knowm that it is important to consider wave propagation

effects in analyses of such problems. Examples of problems which may prof-

itably be studied as simple dynamic problems are: (a) magnitude of punch-

ing motion by a footing during transient loading; and (b) magnitude of

slope movement during transient or repeated loading. The key question in-

volved in these examples is: how far can the soil move as the result of

plastic deformation during a limited interval of time? Generally, it suf-

fices to know whether this motion is very small or very large.

For such problems, it is generally appropriate to consider the soil as

being rigid in compression and rigid-plastic in shear. If the problem in-

volves a saturated clay or a loose saturated sand, the yield shear stress

will be a fixed quantity. For dense sands and for all partly saturated or

dry soils, it will be necessary to allow the yield stress to vary with time

as the normal stress varies. The relaticn between normal stress and shear

stress can be represented by

T c + tan
max

where c and • are evaluated for undrained shear conditions. Volume

changes caused by shear can with reason be neglected in such relatively

crude analyses.

In some problems, it may be necessary to consider the strains which

occur before peak shear resistance is developed. Such problems arise when

the allowable limit on motions is rather small, and when the stress-strain

curve for s.iear shows a pronounced peak. In these 6pecial cases, it will

generally be necessary to preserve the essential features of the stress-

strain curves, as indicated in fig. 2.63. However, it is likely that wave
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propagation effects will also be im- COMPRESSION, SHEAR

porbant in such problems. / -

Although the ultimate shear re- /

sistance of a soil is certainly de-

pendent upon strain rate, it is
doubtful that it is important to con- V

sider the rate effect when analyzing SHEAR

simple dynamic problems. A yield AV

strength (or stress-strain curve) an- MOST REALISTIC
-- POSSIBLE PIECE-

propriate for the typical rate of - ,SE-LINEAR
APPROXYMAT1,4S

shearing involved in the problem

should be selected, bat otherwise the
Fig. 2.63 Stress-strain relatiQns

time effects may be ignored. for dynamic stability problems
Wave propagation; stresses, dis-

placements, and velocities: Tnis section considers a group of problems for

which it is not essential to descr4 .be the change of the wave front with

distance; i.e., where emphasis is upon attenuation of peak stresses,

lengthening of the duration of the stress pulse, etc. In such problems it

AV[ is essential to consider the energy

IGNORE CRUDE loss which occurs during a cycle of

loading and unloading.

ad For any dynamic problems, this

PIECEWISE energy loss can best be taken into
/I LINEAR

account by using time-independent,

"irreversible stress-strain curves

- & 
O JRVILINEAR (see fig. 2.64). Ff the loading in-1 ivolves a significant component having

a period of less than a millisecond,

. it may well be necessary to include
FOR MANY
REPEATED

LOADS tim3 -dependency.

As usual, the complexity of the

Fig. 2.64 Simplified stress-strain stress-strain curve will depend upon
relations for wave propagation prob-

lemsinvlvin stesss, dsplce- the level of sophistication involvedS• ~lems involving stresses, displace-

ments, and velocities in the problem. The various parts of
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fig. 2.614 illustrate the evolution of increasingly complex relatiors. The

simple relations shown in part (a) may be useful for first analyses, but

the degree of complexiiy illustrated in part (b) will probably be necessary

wherever large shearing stresses are possible. If the loading is repeated

many times (as in foundation vibration problems), a stable hysteresis loon

must be used (see part (d)).

Wave propagation; accelerations: Change of peak particle acceleration

with distance is determined largely by changes in the form and sharpness of

the wave front. Not much is really known

A T " concerning the factors vhich influence the

evolution of the -wave front, but certainly

the exact form of the stress-strain -urve

is important. Fig. 2.65 illustrates the

stress-strain features that need to be con-
Fig. 2.65 Stress-strain re-
lations for wave propagation sidered. The initial downward concavity of

problems involving develop- the stress-strain curve in compression is
ment of wave front important with regard to the question as to

whether true shock waves occur in soil. If time-dependent effects are

thought to be important, a nonlinear stress-strain relation should be used

for the "spring" portion of any rheological model.

2.8.2 Specific Values of Certain Soil Parameters. The single most

important soil parameter controlling protective construction design is

dynamic compressibility, i.e., the ratio of strain to stress during con-

fined compression. Compressibility determines the magnitude of the ground

motions at a given distance from the explosion, and its magnitude in rela-

tion to structural flexibility determines the degree of arching around a

structure and whether this arching is beneficial or unfavorable. Proce-

dures for evaluation of dynamic compressibility are presented in Chapter .

The next most important parameter is dynamic shear strength. Shear

strength is used to evaluate the arching which can occur over very flexible

buried structures, box structures with flexible, ductile roofs, and struc-

tures supported on footings. Dynamic shear strength is also invaluable in

the evaluation of footing behavior at a giver, site, although this evalua-

tion should be based primarily upon load bearing tests made at the site.
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I Procedures for evaluation of dynamic shear strength are presented in

Chapter 3.

The seismic dilatational ware velocity CD appears in many of the

simple predic-ion procedures presented in this chapter. This is primarily

be,!ause C is the easiest to measure of all soil parameters. Moreover,
D

for some materials (including some earth materials), C is a useful meas-
D

ure of dynamic compressibility which, as noted above, is really the key

parameter. Hence it becomes ver,: important t) understand the relation

between wave velocity and stress-strain behavior. This relation i. dis-

cussed in Chapter 5.
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C' tVl'hR 3 '[!h.Ah 2 SiiC~vi ( 1T. ,:i~li G HAPtl!I L.<A1] 2,.G,

3.1 I1n'RCDUCTTGII,

This chapter deals with the strengti. of soils durinfý a single r~pil
loading. Techni4ues used to measure this strengtih are described, and rela-

tions are presented which• ýmay be used to estimate ti,e strengti. available

during a rapid loading f'rom the strength at ordinary rates of loading,

3.1.1 Definitions, There are two general t...pe of tests wihich are

used in the laboratory to stud, ti.c strength chiaracteristics of soils:

tests with controlled strain and tests Aitih control.led stress.

'Pests with controlled strail!:

AROI RARL r In this type of test, a specilmel| i
S(L(CTEOSTINtti

r sI subjected to a preestablished pat-.

" I tern of deformation. ,'or example, a
j--

cylindrical specimen may be corn-

TANA pressed axiall:y with a preestab-STRAIN STRAIN

a. b. lished rate of axial strain. This

Fig. 3.1 Stress-strain curves from strain causes resisting stresses to

controlled-strain tests develop, and by measuring these

stresses a stress-strain curve, such

as those shown in fig. 3.1, can be determined.

The peak ordinate of such a stress-strain curve is usually defined as

the strength of the specimen. If the curve has no peak but continues !o

rise slowly as the strain increases (fig. 3.1b), the stress at some arhi-

trarily selected strain, such as 2%/, strain, is taken as a measure of the

strength.

By running tests using several rates of axial deformation, the effect

of strain rate on strength can be established. Fig. 3.2 shows values of

strength measured at several different rates of strain. The phrase strain-

rate effect is used either in a quantitative or in a qualitative sense.

Qualitatively, the phrase denotes any tendency for the strength of a soil

to change as the strain rate changes. By relating the strength at one

strain rate to the strength at some other strain rate, strain-rate effect

can be expressed quantitatively.
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1000 100 10 1.0 0.1 0.01 0.001 .

TIME TO 1% STRAIN, seconds

Fig. 3.2 Strain-rate effect for saturated,
normally consolidated fat clay

Tests wit-'. controlled stress: In thi.s type of test, a specimen is

subjected to a preestablishe: time history of stress. For example, a cy-

lindrical specimen may be stressed axially with the stress-time patterns

shown in figs. 3.3a and 3.3b.* This stress causes strains to develop as a

function of time. The figures show two typical resulting strain-time pat-

terns. it is also possible to plot the stress at any time versus the re-

sultant strain at that time, so as to give a form of stress-strain curve

(see fig. 3.3c). Another i.-ay to form a stress-strain relation is to plot

the peak stress applied during a particular test versus the peak strain

occurring in that test, as in fig. 3.3d. This latter form of plot leads

-* to the definiticn of strength shown in the plot.

The value of strength obtained in this way, of course, applies oiLly

for the particular stress-time history used for the tests. More typically,

The results shown in this figur ; -re )-pothetical and are based on the
behavior observed during plate beazing vests using pulse loadings. The
U. S. Navy Civil Engineering Laboratory has conducted a few triaxial
tests on sand using controlled stress loadings, and found that specimens
either failed inmnediately or did not fail at all, depending upon the
ratio of the peak applied stress to the static strength.
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__- we wish to know now strength will
/ Z vary with the duration of the load.

One convenient way to establish this~~sTAAN z

relation is to use a step loading in

z which the applied stress is rapidly

0 .increased to a preestablished value
STRESS srRess

and then held at this value until

5 . either the specimen fails or until

/ it -s apparent that the specimen is
TIME TIME not going to fail. Fig. 3.4 gives

a. 'AK APPLIED b. PEAK APPLIED n t
STRESS MUCH STRESS ABOUT thet,.01 typical results obtained from a

GREATER THAN EQUAL TO
STATIC STRLNGTH STATIC STRENGTH series of experiments of this type.,

TIME TO FAILURE

,srzsl
-IrJ1AK STRAWTNG -TRAIN

.T M Y SDRESS

STRAIN ONET.OV NU TIME

TIME TO FAILU E
PEAK RESULTING STRAI

d. DATA FROM MANY TSSc. DATA FROM MANY TESTS
INCLDINGTHOE SHWN AOVEINCLUDING THOSE SHOWN ABOVE

Fig. 3.3 Results from controlled- Fig. 3.4 Results from controlled-
stress tests with pulse loading stress tests with step loading

Tne time interval from the onset of loading until the specimen collapses is

called the time to failure. If a colleapse does occur under a given applied

stress, this stress becomes the strength for the observed time to failure.

Using controlled-stress tests to establish a strength-time relation

* While the results shown in fig. 3.4 are hypothetical, this type of re-
sult has been obtained when studying time effects during tests lasting
many days; for example, see Casagrande and Wilson (1951).
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is a rather uncertain procedure. If the applied load is too small, no

failure results. If the applied load is too large, failure develops so

quickly that the results have little meaning. Generally, many tests are

necessary in order to define the desired relation.

Relation between results from controlled-strain and controlled-stress

tests: The quantity time to failure is the basis for relating the results

from the two types of ,o a ,

tests, although this re- I.7," T,...'....,.
10 no4  10 2002 10 1 O.I 1O0 IO-3

lation can only be ap- TIME TO 10-A STRAIN, SECONDS

103 02 to173, 17, 10 MINUTES

proximate. For the I .

controlled-strain test, Io0 10 'A e 10o2  to I 0. 10"2 I0"-
TIME TO 51A STRAIN, SECONDS

time to failure is taken ,02 10 1MINurES
I ', ' , , 1. . . 1.I1, I I,.. . .n . .. .I h,.. Ias the time interval ,o0 , o' io 2 10 1 DO ,o"2 no-3 lo'

TIME TO I% STRAIN, SECONDS

from the onset of load-
ing until the peak re- 10-4 10-3 6o2 0.1 i 10 102 ,e 104

STRAIN RATE, % STRAIN /SECOND
sistance is reached. Fig. 3.5 Relation between strain rate and

"This time to failure time to failure

will be related to the

rate of strain and to the strain required to reach peak resistance, as in-

dicated by the nomograph in fig. 3.5.

Relation between laboratory tests and behavior in situ: In most prac-

tical problems, the mass of soil as a whole is subjected to a controlled-

stress type of loading. However, the conditions at any particular point

within the mass are neither truly controlled stress nor controlled strain.

Rather, the stress-time and strain-time patterns at each point are influ-

enced by the stress-strain behavior at that point and at all surrounding

points.

There are two general ways in which data regarding the strain-rate

effect upon strength can be used in practical problems.

in some problems, it may be possible to perform an accuaate analysis

of the response of a soil mass to a given applied loading; i.e. to solve a

two- or three-dimensional boundary value problem taking into account the

actual stress-strain-time properties of the soil. In such cases, it is

desirable to have strength expressed in terms of the strain rate.
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In most problems, it will be more appropriate to perform an approxi-

mate analysis in which. 3trength is mathematically treated as being inde-

pendent of time, but the strength is assigned a value appropriate for the

duration of the loads being applied. There is no fixed rule for relating

the expected duration of the actual loading to the time to failure in a

laboratory test. Tre most conservative rule (Rule 1) would be to use the

strength achieved in a laboratory test having a time to failure equal to

thie total duration of the stresses in the actual problem. This rule will

always underestimate the strength actually available. A more appropriate

(but still conservative) rule would be: use the strength achieved in a

laboratory test having a time to failure equal to the interval of time thatI the stresses in t.e actual problem will exceed the ordinary static strength

(Rule 2). These rules are illus-

X trated in fig. 3.Z.
On the basis of these consider-

NA E RULE 2 STR ations, there is little reason to
BASED UPON

I RULE , argue that either a controlled-stress
\ \ TIME TO ,A:: UK or a controlled-strain test is funda-

.-. RESULTS FROM LABORATORY TEST
\ \ -mentally superior. The choice be-

tween them can be made solely on the

roTAL basis of convenience. Usually it is
DURA T/ON

more convenient to use controlled-S" -TIME TF.4T STRES tsstet

EA'CEEDS SrAT/C strain tests, since fewer tests will
STRENGTH

LSTA'?IC be necessary to define the strain-
STRENGTH

rate effect relation.

TIME 3.1.2 Single ½,rsus Repeated
b. STRESS-TIME HISTORY loadings. The otrengt• h during a sin-

EXPECTED IN ACTUAL PROBLEM
gle rapid loading, such as generally

Fig. 3.6 Rules for estimating occurs in nuclear weapons effects
strength to be used for prac- problems, must be distinguished from

tical problems
the strength rvallable during a suc-

cession of rapid loadings such as those which occur during earthquakes.

The problem of strength during repeated loadings has been discussed in de-

tail by Seed and Chan (1966) and by Seed and Lec (1965). The strength
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available during repeated dynamic loadings may in some cases be less than

the ordinary static strength. However, the strength diring any cycle of a

repeated loading will be greater if the loading is appiled rapidly than if

it is applied slowly, provided triat the same conditions exist at the be-

ginning of the cycle and if tne same drainage conditions exist during the

cycle.

3.2 FACTORS AFFECTING THE RELATION BETWEEN STRENGTH AND RATE OF LOADING

The Mohr-Coulomb hypothesis regarding the strength of soils, as modi-

fied by Terzaghi to include the effects of pore pressure, can be stated as:

s c + (a - u) tan • (3.1)

where s is the maximum shear stress possible on a plane (shear strength),

c is the cohesion intercept, a is the total stress normal to the plane,

u is the pore pressure, and 0 is the friction angle. The pore pressure

u is the sum of any initial pore pressure u. plus any excess pore pres-

sure Au generated during the shear process. In turn, Au can be ex-

pressed as nw, the excess pore pressure developed during shear at con-

stant water content, minus Audis , the excess pore water pressure dissi-

pated by consolidation which takes place during the loading. Thus Equa-

tion 3.1 can be rewritten as:

S C + (a - Ui -AUcw +\Udis tan

AlthouE;h the Mohr-Coulomb equation represents a great simplification
of the actual strength behavior of soils, and though there can be many

arguments as to just how c and i should be measured and defined, this

equation serves well as a basis for discussing the role of rate of loading

in the several factors which determine shear strength. These factors are

listed in fig. 3.7.

3.2.1 Intrinsic Properties of Soil. In this category a, those prop-

erties of soil which are independent of the overall size of the soil mass

or of the boundary conditions imposed upon the mass. The strength
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TIME-DEPENDENT NATURE OF INTRINSIC PROPEHTIES OF SOIL

C. k: THE STRENGTH PARAMETERS IN TERMS OF EFFECTIVE STRESS

Aucw: THE EXCESS PORE PRESSURE GENERATED DURING SHEAR AT
CONSTANT WATER CONTENT

OVERALL ACTION OF MASS OF SOIL

INERTIA: MAY AFFECT THE TOTAL STRESS a ACTING AT A POINT

CONSOLIDATION: WILL AFFECT THE EXCESS PORE PRESSURE Audis
DISSIPATED BY THE TIME OF MAXIMUM LOADING

Fig. 3.7 Factors affecting relation between
strength and rate of loading

parameters c and , , and the excess pore pi essure generated during shear

at constant water content AUcw , fall in this category. Any tendencies

for these factors to be f~inctions of the rate of loading will cause shear

strength to be a function of the rate of loading.

3.2.2 Overall Action of Mass of Soil. The normal stress a acting

upon a plane through a point within a soil mass, the initial pore water

pressure u. at the point, and the excess pore water pressure dissipated1

from the point during Toading ,Udi are all influenced by the dimensions

and shape of the soil mass and by the way in which the soil mass is loaded.

The initial pore pressure u. does not enter into our discussion of the1

effect of loading rate upon strength. However, both a and Adis will

in general change as the rate at which louds are applied to the soil mass

changes, and these changes will affect the shear strength available at a

given point within the mass.

Inertial effects: The behavior during a direct shear test can be

used to illustrate how

APPLIED NORMAL LOAD the normal stress a

acting at a point can
S... ..:.. ,...INERTIA FORCE DEVELOPED be influenced by the

IF THERE IS A VERTICAL
;. ACCELERATION AS SAMPLE rate of loading (see

INCREASES IN TFI-'KNESS

fig. 3.8). If verti-...........................•...•i:-%K. r.--..".

r1 F U,.9.•... cal movement occurs due

Fig. 3.8 Effect of inertia during direct to soil expansion dur-
shear test ing shear, inertia
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forces are generated within the specimen during a rapid loading, and the

normal stress a acting upon the failure plane may not be equal to the

applied normal stress. Any change in a with loading rate of course leads

to change in strength. This effect has been neatly demonstrated by the

special direct shear

tests described by suddenly qoop ad

Schimming, Haas, and Iconfining pressure

Saxe (1966). These OApled by 9as

inertia forces, chamber I
whose magnitude can- - .

not be estimated ac-

curately, complicate

the interpretation

of the results of a

strength test. The

same effect can de-
velp".u.-ig---iaddi tonal confinin

velop during a tri- --- stress from inertia
a test --e "-- " " forces as specimen

axial test (see ".suddenly tries to
fig. 39).- expand radially

Co-solidation:

The importance of Fig. 3.9 Lateral inertia during triaxial test

12

,UNDRAINED TRANSIENT TESTS

I I Uthe hydrodynaamic time lag with regard to
u, IO • 'NSTATIC TESTSSTAT••IC TESTSthe pore pre-sures existing at thie end of

a loading, and con:sequently the strength

available to resist the loading, is well

DRAINED ST4TiC TESTS known and has already been discussed in

,section 1.3. This effect can readily be

SI - demonstrated in laboratory tests on satu-

LATERAL PRESSURE,0-3 2k/cm2  rated sand by performing triaxial tests

0.6 0.7 o0 with drainage per/flitted (see fig. 3.10).
VOID RATIO With ordinary testing speeds, Cull drain-

l'Vig. 3.10 Effect of drainage on
strength of saturated sand (from age occurs, and the strength is given by

Seed and Lundgren, 1954) the curve marked "drained static."

S~99 '

I

'I



During very rapid loadings, there is inadequate time Por drainage. Excess

pore pressures remain during the loading, causing a change in strength

(curve marked "undrained transient"). The conditions during the transient

loading can be simulated by performing tests slowly with drainage prevented

(curve marked "undrained static").

Pore pressure changes can occur even during undrained shear of a dense

dry sand. For example, assume that the volume of the void spaces Is ini-

tially one-third of tue total volume of the specimen, that the specimen ex-

pands 59 as the result of shear, and that the air in the voids is initially

at atmospheric pressur.e (14.7 psi). Boyle's law (pressure x volume = con-

stant) may then be applied to find the change in pore pressure as the sand

is sheared. The pore pressure is found to decrease to 12.8 psi (absolute

pressure). This small c hange in effective stress is not enough to alter

the mineral skeleton's tendency to expand. However, if the minor principal

effective stress before shear were only 10 psi, the excess pore pressure

would cause this confining pressure to increase by 2Y,/, during shear. Thus,

the strength in the undrained test would be 20ýc greater than that in a

drained test on the same sand, even if the friction angle remains

unchanged.

The same effects show up in clay soils, except that the test must be

performed very slowly if there is to be any drainage. There will be little

dissipation of excess pore pressures during eitheýr rapid tests or tests at

ordinary loading, speeds in clay.

3.2.3 Relative Importance of Factors. The strength increases which

arise from the mass action of the soil are generally more important than

the strength increases which arise from the time-dependent nature of the

intrinsic properties of the soil, in that they can lead to much greater

strength increases. However, the mass action of the soil depends very much

upon the size and shape of the soil mass and upon the way in which the mass

is loaded. This mass action must be accounted for by a theoretical analy-

sis of each problem: a dynamic analysis to account for inertia forces and

a consolidation analysis to account for the hydrodynamic time lag. Hence

these factors arising from the mass action of soil are not of concern in

this chapter. Here we shall deal only with the effect of strain rate upon
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the intrinsic properties. Thus, it was decided to run tests in which in-

ertia effects were not present and to prevent any drainage from occurring

at all strain rates.

3.3 TESTING EQUIPMENT AND PROCEDURES

3.3.1 Loading Systems. Fig. 3.11 shows the simple rapid loading sys-

tem which was developed under tie present contract (: .e Report 2). A hy-

draulic system controls the movement of the loading yokc, and the basic

elements of this system are shown in part b of the figure. The loading

yoke is attached at its lower end to the piston rod of a hydraulic cylin-

der. The charuber of the hydraulic cylinder below the piston head,

chamber B of the figure, exhausts through two valves. The first of these

valves is a control valve and is either in a shut or open position. The

second is a flow control valve designed to provide a fixed rate of fluid

flow regardless of the pressure drop aross the valve.

Initially the control valve is in the shut position so that the hy-

draulic fluid is trapped in chamber B, with the loading yoke so positioned

that a gap of approximately I in. exists between the yoke and the plunger

of the test cell. Immediately after the control valve is opened, there is

a short period during which the loading yoke accelerates, but the yoke

rapidly achieves a terminal velocity determined by the setting of the flow

control valve. After the loading yoke has achieved its terminal velocity

and has moved through the gap that separates it from the plunger of the

test cell, it contacts the plunger and strains the soil sample. If the

weight of the loading yoke and the fluid pressure in chamber A are of saf-

ficient magnitude, the yoke will continue to fall at its terminal velocity

even though it is doing work in failing the sample. Loading velocities be-

tween approximately 0.01 and 20 in. per sec can be achieved with this appa-

ratus. For specimens which are 3.5 in. in length, this means strain rates

between approximately 0.01 and 200p strain per Lec. If the strain at fail-

ure is 9/f, this means times to failure of approximately 50 sec to 25 msec.

Various other loading devices have been used to obtain the results de-

scribed in this chapter. Recently a direct shear device that is a cross
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rod /I.KA '3ba

/"di. rod

test
ujnit

levellinq quide
p la te I! b eor1n0.
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7 b

hydraulhc

cylinder

a. Loading yoke and frame

JiL yoke

hydro-w- I constonf pressure
hydrau/ic • -- o suiaoly
cyknder /p/

.L--•-.to sump

open- close fli.o' conýro/

b. Hydraulic control system

Fig. 3.11 MIT apparatus for rapidly
loaded triaxial tests
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between a controlled-stress and a controll d-strain test has been used at

Notre Dame (Schimning, Haas, and Saxe, 190b).

3.3.2 Triaxial Cells. For the majority of th.e triaxial tests which

have been conducted, specimens nave been appro.':imately 1.5 h.in diameter

and 3 to 1h in. long. For the recent tests at MIT, standard triaxial cells

have been modified as shown in fig.

3.12 to permit insertion of a force

transducer through the baseplate. ,

Gas was used to provide the chamber 1.cife pedesfal----_ý

prss1rand this pressure remained u.ig(3ta.1/ess
b~oss~~o//No. A -610,4)

substantially constan~t throughout ~801l

each test although the gas volume IV6 di~!VOS6
Cell

within the cell decreased slightlybas u

as the plunger was pushed into the
cell.Dynisce* force tra^$L;výer

3.3.3 Force Measurement. Dur- bl

ing rapid loadings, the axial force\ op.raue
and rocord-a, vqpt

being al~plied to the triaxial speci-
Fig. 3.12 Force transducer for

iren should be measured by a forcerentttsaMT
transducer located inside the tri-

axial cell, because the friction between the plunger and its bushing may be

significantly large. Fig. 3.12 shows the arrangement used for this purpose

during che recent tests at MIT. Since the ball bushing used for this

arrangement does not have to seal against leakage, essentially frictionless

operation is possible. The force transducer is inserted after any corsoli-

tion of the specimen has been completed. and just before the shear test is

conducted, and hence the transdulcer need. not he tied up during long iDeriods

of consolidation. Report 16 provides further details concerning the

operation of this force transducer.

hav benmeasured during the tests at MIT so as to learn whether the
strin ateaffects the strength parameters c and or the excess pore

pressure Aýuc, or both. Early experience indicated that it seldou, is

satisfactory to mreasure the pore nressure at the ends of tne specimen,

103

4
A,



since duri%. rapid loadings

the excess pore pressures

will not be uniform thxough-

out the specimen (see Reports

NEEDLETRANSDUCER -ICJ2electric'iJ. pessure tascers of v,,NSt needles complan .i serted into the

3 a.13 Pcri e pressure meiasur-ine syatem central portions o1 specimens
weri employved, toget.ar with

electric-al pressure transducers of ver.y low compliance. ý'g. 3.13 shows

the measuring systems final•-I evolved at MI[T (see Reports 15 a.nd 16 for

further details).

The respcnse time of a pore pressure measuring system depends upor, the

permeability and compressibility of the soil as well as upon the compliance

(the quantity of vater which nust flow to the device to make it respond) of

the system itbzlf. Mdasur~ng systeis are sensitive to c.hanges in total

stress as well as to changes in pore pressure, and it is quite difficult to

kncw just what one is measuring whem the applied loads are changing rapidly.

(See Whitman, Richardson, and Healy, 1961, for a discussion of the theory

of pore pressure measuring devices.) Moreover, it is difficult to devise a

test which can be used to determine the time lag required before a system

is really meas-.ring the pore pressure. Report 15 describes the procedures

developed at MIT for this purpose. Very rapi(k response times have been

quoted for other measuring systems (for example: Peters, 1963), but it is

not certain that these systems have been adequately evaluated.

-The following maximum time lags have been achieved with the MIT

system:

Coarse sand: 0.1 msec

Fine silty sand: 1 mnsec

Clayey silt (permeability =i07 cnvsec): 2 sec

3.3.5 Permissible Loading Rates. If specimens ar! loaded too rap-

idly, stress and strain will not be uniform along the •.ngth of the speci-

men: rather there will be wave froAts within the specimen. Moreover, a

triaxial specimen must expand laterally before it can fail, and during a
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very rarid loading, the lateral inertia may severely inhibit development of

a failure. The problem of JAteral inertia is especially troublescme, since

this inertia can rake soil behmve as though it IAs time-dependent proper-

ties. This problem, and tie dangers stem•ng from a false interpretationIf data obtained during ver-y rapid loadings, have been thoroueghly discussed

in an appendix to Report 9.

As discussed in section 3.2.3, it is desirabl2 to avoid all inertia

effecte during laboratory tests, by avoiding very short times to failuze.

Approximate criteria v-an be developed by considering tU time required for

coupressive vW-;es to pass back and forth along the lengt, oz the specimen

and for shear waves to pass back and forth across the diameter of the spee-

!men (see Report 9 a-d Y.JLEAR GBOPDIVSCS). For tests with specimens about

in. lon& and 1.5 in•. in diameter, the time to failure should be 5 m"ec or
greater. i

3.- BEHAVIOR OF DRY SAUDM

Nuimerous rapid loading tests have been made on dry sands: at . ard

(Casagrande and 131hannon, 194-), at Notre Dame (Schiming et al., 1966), and

at IfT during both the earlier and presert contracts. All of these tests

'have indicated that the strain-rate effect in dry sands is small; that is,

tnat there is less than i1) to 151,: increase zn friction angle between times

to failure of about 5 min and 5 meec. However, ever. only a 1% increase in

friction angle can lead to a very large change in bearing capacity (see
Chapter 2). Hence it would be decirable to know the -mtrain-rate effect in

dry sands more precisely. U!nfortu-

nately, th•e available test results

do not permit a closer answer, owing l

to the man, uncertainties and errors ,5j 1. 0i

which can creep into the testing of Z"
o 0.9

dry sands. F F

Fig. 3.14 shows the compoite 0 0. ., 10 02 03 1

average result of testing three RATE OF STRAIN, PERCENT PER SECOND

Fig. 3.14 Composite average
sands during the earlier MIT tests. result for three dry sands;

These sands were standard Ottawa early tests at MIT
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sald (a uniform samd

0wC 8L~V of medi~u grain

X sBiLe), a fine we!.!-
z SCATTER grad~ed rive:- sand,

and desert allU.viu.a

> Ifrom Nevada. Fig.

1_ _5C 3.15 gives r:'?uts

IL obtained under the

jALL DATA CORRECTED TO present contract
O [ VOID RATIO OF 0.52

I R.2 (Report 3). Both of
0.01 0.1 1E0 N10 these sets of re-

0/0STRINPER SEC
"-.ig 3.15 Strain-rate effect for dry Ottawa sand suIts show a similar

trend. The friction

angle first decreases as tte strain rate increases beyond that required fcr

a time to failure of 5 nin. Eventually the trend reverses, and there is a

slight increase in strengtr (end heaice friction angle) with increasing

strain rate.

There are some reasons for believing that these trends are simplzy the

result of systematic errors, and hence should be ignored. The tests were

vacuum triaxial tests in ,:fh.ich partial vacuuns were used to control

stresses. As discussed earlier, unmeasured pore pressure changes could

have occurred in the tests, especially those conducted at low confining

pressures. These reasons -have been discussed in Whitman and Healy (1963).

There is also some additional. evidence to suggest that the trends may be

indeed correct. Barnes (1965) has found that the strength of sand during a
slow, steady loading is decreased slightly (1 to 6•) if small vibrations

are applied simultaneously (see fig. 3.16). The bearing capacity tests by

Vesic' et al. (1965) show first a decrease and then an increase with in-

creasing rate of loading. Penetration tests involving steel pellets (Colp,
j 1965) have shown a decreased resistance as the penetration speed was in-

creased from slow to moderately rapid. Other bearing capacity tests (see

Whitman and Luscher, 1965) have shown a large increase in ultimate bearing
capacity between slow and very rapid loading rates.

It is possible to suggest hypotheses to explain the trends shown in
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figs. 3.14 and 3.15. Tht decrease of

friction angle with increasi.-ig strain

rate mai beA expl~ained by the in'_reased

tendncyfor kine. ic friction rather

thnstai friton t;ý govern the be- j _ _

incerease of friction angle at very
2.I

rapid strain rates can be explained on Itas -

the basis that interlocking betweeiz -

particles becomes more effective when ,**,,.. .

Sg.E W * 5 h 5 OAS a&? a"2 0CA*.
the particles are not given sufficient Vi"D m"T"

LOOSE SAND
time - '5ind the easiest iDath past one

anot- .. . Tnests by Healy ' Report 13) Fig. 3ý.16 Comparison of stren.Zth,
during slow loadi: - with and with-

have s--.own that sands expand more out vibrations (from Barnes, 1965)

d-jring 'a rapid snear than during a

slow shear, thus confirming t~he increased importance of interlocking.

However, these hypotheses are still only speculative. 'Very carefful

work will be required to learn just how much and just why the friction

angle of dry sands Jis affected by strain rate. Any future tests of this
tyýpe should attempt to measure or eliminate pore press-are in t~he air voids.

3.5 BEHAVIOR OF SATURATED SANDS

There can be a strain-rate effect (as much as a factor of 2 or 3) in a
_________________saturated sand because of

differences in the excess

~Zao pore pressures generated

- - --- pre 000, X Is@ c. at different strain

Strai -;.rentrates.. This is shown in
V) _________Pressure_____________figs______3___17_and__3.18.

3.17curvs fo a lose, velops when a saturated
strtdfine sand sand is straining at more
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Aodosy veL /8.L/sec 0-0 in/sec.

e 0-65 *O,.65

cih. .1 Stess -sta cusmb fr lco3s e, "s
oh ital pa* Praessw f 40 the particual p lw pof efeciv _

40
20-J

V 0  0

1) 10 20 0 0 2
Axial Strain - percent

Fig. 3.18 Stress--strain cur;.-,s for lcof~e,
satur-ated Ottawa sand

or less the critical void ratio for the particular level of e# fective

stress; i.e. at large strains -Ath loose specimens under low to moderate

effective stresses (Reports 9 and 11). It seems likely that the same ef-

fects will appear at-moderate strains when large effective stresses are

present.

This effect is caused by the phenomenon noted in section 3.4. With

increasing strain rate, the sand has a greater tendency to increase in vol-

ume (see Report 13). In order to maintain the constasnt volume condition

involved in undrained shear of a saturated soil, this tendency nriust be

counteracted bV an increased effective stress; i.e. by a decreased pore

pressure. Any possible changes in the friction angle with strain rate are

of small consequeince.

Dense specimens under low effective stress -will simply cavitate, and

so will cease to be sheared at constant volume (fig. 3.19). The effect of

strain rate on peak strength is then small, just as in the case of dry

sands.

These results have played an important role in the understanding of

the effects of strain rate on strength in the case of saturated soils.
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U However, thpse results / EC€:fy: M*o,/ o-m ,•/•

:'re themselves %,ot very - 0.5o 0.49

iiportant in practical

nroblems ',ecause uncer- A

taivity as to the degree ." 
r

of consolidation of _and___ _ _

will mask the strain-rate

effect discussed here. no i .0,

S3.6 BERAVIOR OF COHESIVE
SOILS
Typical results I .o ,.- -

*1) 40•-o p-eaw - :Iu,
from tests on saturated

0 i
remolded specimens of a -L__

0 10 is 0S x to Ifsclayey silt have already ,o ,t o - ,.,c=nt

been shown in fig. 3.2.
ch•vaedE, .aur ,, 40 Ab./*.vii•t

Fig. 3.20 gives results Ints@/ t Ptw - I•mb/a
fromn unconfined compres- Fig. 3.19 Stress-strain curves for uense,

sicn and cons,-1i dated saturated Ottawa sand -

BOSTON CLAY PLASTICITY iNDEX - 4-28%, PLASTIC LIMIT - 20-24%, WATER CONTENT - 30-41%

UNCONFINED RECONSOLIDATEO (85 psi)o [l I 1 T F1 oZ I; 1 i

'A MI - I

10T2 T00 102 :04 IO'2 i00 102 0'

STRAIN RATE, %//sec

S, ol
t0 50 L' 50 1 0 1

AXIAL STRAIN, %

Fig. 3.20 Effect of strain rate on behavior of a saturated
clay with and without confining pressure
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undrained tests on undisturbed syecimens of clay. All available results

(except the results from Notre Dame: Schimming et al., 1966) are sum-

marized in table 3.1.

In order that an engineer may intelligently apply these data to his

particular problem, or may intelligently select the tejt conditions which

should be employed for laboratory tests upon his particular soil, it would

be desirable to understand the causes fcr the strain-rate effect in cohe-

sive soils and the rea'.cns V'or the differences between the various cohesivwa

soils. Unfortunately, no comp~lete understanding of these effects exists

today.

Pore pressure has played a key role in soil mechanics with reeard to

the general understanding of shear strength phenomena. Furthermore, meas-

uremlent of pore pressures permitted an understanding of the strain-rate

effect on the strength of saturated sands. Hence, it is natural to inquire

into the effect of strain rate upon the pore preisures within cohesive

soils. As yet, it has not proved possible to measure satisfactorily the

pore pressures induced in clay during very rapid shear. However, there

are data for moderate rates of shear, together with some basis for i.nfer-

ring what must happen during more rapid tests.

3.6.1 Situations in Which Pore Pressures Are Positive. In every case

where pore pressure measurements have been obtained, the-change in excess

pore pressure Aucw with cnanging strain rate has almost fully accounted

for the effect of strain rate upon strength. This result has already been

noted for the case of saturated sands, which have permitted measurement of

excess pore pressures during very rapid tests. Reports 15 and !6, respec-

tively, give data for a silty clay tested at slow to moderately rapid

speeds and for a fat clay at very slow to slow speeds. Tt seems likely

that the same trends will continue to more rapid strain i'ates.

In general, pore pressures are positive during tests only if these

tests are conducted with confining stresses. Fig. 3.20 shows a typical set

of results for such a situation. The stress-strain curves from both slow

and rapid tests have a broad peak and both are similar in shape. The

stress-strain curve for the rapid tests can be obtained simply by multi-

plying the ordinates of the "slow" stress-strain curve by a co.Astant factor.

110



0 t- 0: 0 0% - t- OD ~OD 1,0 ID en4ý -z U ' u'
4.1 't CV M C Jfr -O H H A rr-44,-4 r 4HcuP

W4 va Vt
9440 0 o 0 ' \D El- 0 r- %D \.O 00 00 U' t~i

ro .40 k *4 (1J4 A H; .4 ~ 1:1r cv1:1 rJ. H
34 4 4)

0~ -F4 j00ý 0 ('J L-I M -1 0 00 lD00 00UNO(nr\00

tO 4

0 00

0 x 4

E- %.iI)4C H 0\ 4- C' H- --a _:t m~ 01 cm W cmiii
a\ H d cu f4 o w t 0 u

EI 4) .- 4) t-) t- 0 nCC )k 11 .: 3 (i CJ ( U() C
0

CH)
H 0

$ý 4-)

r*r

-I4 02)
P 4)

0) 4)4)

~HH H -P

rdr

itjI toi dr* 4
4H)00ri4)(

r- 4Ci OPrP4P.U rdUII4) 0 0)4) t



a

3.6.2 Situations in Which Pore Pressures Are Negative. Whenever

specimens of soil are under small or zero confining stress, as in uncon-

fined compression tests, the soil has strength largely because there are

capillary tensions (negative pore water pressures) which in turn cause in-

er-sed effective stresses. In general, these capillazy tensions become
incraasingly inportant as the water content decreases, although in very dry

soils they cease to be important with regard to strength. As the confining

pressure on the specimens of soil increases, the pore pressures becone less

negative and event ally become zero or positive.

The factors which control the magnitude of the negative pore water

pressures within unconfined specimens are poorly understood. This is es-

pecially true in partiall- saturated soils. The negative pressures must be

quite sensitive to the way in which the soil particles are arranged and now

the particles move relative to one another during shear. In turn, the

strength of an imconfined specimen nrast be rather sensitive to the magni-

tude of the negative pore pressure which the weakest portion of the soil

can sustain.

It seems reasonable to guess that larger capillary tensions can be

sustained during a rapid shear than during a slow shear and that these

la.ý-ger capillary tensions can be sustained to larger strains. This suppo-

sition has led to the hypothesis that the strain-rate effect upon strength

will be greatest when negative pcre pressures contribute most importantly

to strength. This hypothesis is spelled out in fig. 3.21. The following

evidence can be offered in support of this hypothesis.

(a) Fig. 3.20 gives a typical set of stress-st-ain c~xves from a
series of unconfined compression tests at different strain rates.

Compared with curves froml consolidated undrained tests, the

stress-strain curves from these tests all have sharper peaks, and

the sharper peaks ara especially pronounced for the slower uncon-

fined compression tests. As the strain rate increased, the

strain at failure in the unconfined compression tests increased.

The ratio of stresses in the fast and slow tests was less at low

strains, such as 1/2%, than was the ratio of stresses at failure.
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FAILURE BY SPLITTING OR I AILURC 6f BULGINGPRONOUNCED FAILURE PLANES

t) .tas wzat~-vt there are !*rge Occurs. in trialial tests with large -

ne-gative pore pressures in IcadrP.sUC.o hr hrul,..)nine r~mpr~si~ tets:are sin;.dl negative pore pressures
(;-Soiln compacted dry of ittfc)lildcmrsintss

1uptimum wate-r content. I11) Sois1 comnpacted wet of
2(2) Stiff saturated soils.
(2 ~ ~ ~ ~ ~ ~ 2 Stoff saturated soils. o~~nmwtrcnet

-,TRAIN A FAILURE AFCE STRAIN RATFIUEINENDT

~Y 5rRAIN RATE AFOCF )STRAATAIN RAENOPIET

SI-jw test

_______________________________________

LARGE STRAIN-RATE EF-FECT MODERATE STRfIN-RATE EFFECT

3 trai Rote Strain Rote

Fig. 3.1Hypothesis for difference in strain-rate
effect in different soils

Similar patrshave also been observed with other soils (see

table 3.1).

(b) Fig. 3.22 shows the general nature of the results from tests by

Schimming et al. (1966). The strain-rate effect upon strength

clearly decreases with increased confining pressure; i.e., with

decreased importance of negative pore water pressures.

(c) Fig. 3 .23 shows the magnitv.Ie of the strain-rate effect upon

apparent cohesion (the strength in the unconfined s+ate) as a

function of water con-tent. This effect tends to increase as the
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Fig. 3.23 Strair-rate effect upon apparen~t cohesion

(from Schirnr.ng, Jisas, and saxe, 1966)

water content decreases, but falls off again for very dry soil:;

in Vnic±. capillar- tensions are relatively unimportant. -Thus,
again the strain rate is most i!!portant w.r-en negative Dore pres-

sure~s are most important.
Clearly the hypothesis of fig. 3.21 is still quite specuilativYe, but it does

serv-e to indicate the importance of the test conditions. In particular,

soils should be tested under low confining pressure only if they will ac-

tually exist under low confining pressure in -the actual problem.

3.6.3 40ther Effects. it should not be inferred front the foregoing

that the author does not believe iii the existence of a structural viscosity

effect ii, soils. Indeed, the eividence is clear that such an effect is

present for relatively snall strains (Report 16; Richardson and Whitman,

1963). Furthermore, the rate-proceas approach developed 1hy M~thl (96h)

is quite impressive. H~owever, the bonds developed durinrg consolidation

tend to be destroyed during the early portion of a shearing process and so
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are less important when the peak shearing resistance is being mobilized.

Actually, trie author does believe that st3actural viscosity has soye

effect upon pealk strength at very rapid strain rates, but he further be-

lieves that clanges in the excess pore pressures are of prime importance.

Incidentally, these arguments suggest that time-dependent bonding will have

its greatest effect when failure takes place at very small strains, i.e. in

sensitive soils. In table 3.1, it can be noted that the largest recorded

value of strain-rate effect is for a sensitive natural clay.

The tests at N1otre Dame also provide another valuable result: the

dynamic strength was found to be the same whether the normal stress was

applied in adaN-ce of or uoncurrently with the shear force. This confirms

an earlier tentative finding by Seed and McNeill (1957).

3.7 SUMMKJ 7 A!D RECOR.I".1)ATIONS

3.7.1 Summary Results. The following working conclusions can be

drawn on tLhe •.&sis of preýsent knowledge:

(a) For f•Ully or nen,=ly saturated cohesive soils, which behave as

though • = 0 for the unconsclidated undrained (ITj-) condition,

-the strain-rate effect upon total strength falls between 1.5 and

2.0, •i.t: 1.75 a good average value.

(b) For partially saturated soils with a water content at or just

above the plastic limdt, the strain rate effect upon total

strength will decrease with increasing confining pressure (for
the ,JU condition) periaps being greater than 2 at zero confining

pressure and perhaps less than 1.5 for confining pressures of

50 psi and greater.

(c) Soils drier than the plastic limit will have a strain-rate effect

less than 1.5 even at low confining pressures.

It should be noted that the test results contain cne bit of evidence to the

effect that clays of moderate sensitivity may possess a strain-rate effect

as great as 4.

All of these results emphasize the nieed to evaluate the strain-rate

effect upon strength for the particular conditions to be expected in the

problem of interest.
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3.7.2 Present Stat';s of Work. A great amount of work has been done
on the subject of shear strength during a single transient load. and, al-

though inevitably there a-'e still a few loose ends, much is now known con-

cerning thi*s subject. Trhe most glaring gap is lack of facts as to the

causes for the increase of strength during very rapid shearing of clay

soils.

3.7.3 Suggestions for Future Research. The author does not wish to

discourav-e th:e elimination of the loose ends, but only one of there loose

ends seems to deserve high priority: the aforementioned cause of the

strain-rate effect in clav soils. To achieve this goal, it will be neces-

sary to develop and validate means for measuring the excess pore pressures

withiný clays during very rapid loadings.

The writer "as not attempted to assess tLe state of knowledge concern-

ing the dynamic strength of rocks. It may well be that much more research

is needed in this area.

Overall, the most pressing. need is to show Uhat the results developed

in this chapter can be applied to practical prcblems. Since field tests

are restricted, this will mean applying these results to the prediction of

behavior during tests in the laboratory on foc ings and buried structures,

and comparing prediction with observation.
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CHAPTER li ONE-DIMENSIONAL COMPPESSIBILITY

4.1 INTRODUCTION

The test used to evaluate one-dimensional con nressibility (also called

uniaxial strain) is shown in schematic form in fig. 1.2. The key feature

of the test is that lateral (horizontal) strains are prevented by a rigid

container surrounding a cylindrical specimen of soil. Compes-sibility is

evaluated as the ratio of axial (vertical) strain to change in axiet]J

stress. The result of such a test may also be expressed in terms of

constrained modulus: the ratio of change in axial stress to corresponding

axial strain. The apparatus used for the tet is variously referred to as

an oedometer or consolidometer.

This test has been used widely as a basis for estimating ground mo-

tions caused by static surface loadings: for example, settlements of

buildings. The p:imary reason for such usage is the great simplicity of

the test--simplicity bot-1l in the apparatus itself and in the testing pro-

cedures. The main justification for such usage is that the resulting esti-

mates of settlements have proved to be reasonably satisfactory for many

practical problems. However, the stress and strain conditions within an

oedometer may be quite different from those within the soil beneath an

actual loading (Lambe, 1964). Hence, estimates of settlements based on the

results of oedometer tests can only be approximate and in some problems may

be unacceptably in error.

With this background of wide usage with conventional soil engineering

problems, it is natural that this same form of test has been used as a

basis for estimating ground motions caused by dynamic surface loadings;

i.e. airblast-induced ground motions. Once again the main reason for such

usage is the simplicity of the test, and the primary justification is that

predictions based upon results of such tests are in reasonable agreement

with the very limited field experience. Chapter 2 has presented argumeits

that the stress and strain conditions during airblast-induced ground motion

are quite similar to those in an oedometer test, but these arguments are

not entirely convincing. However, it can be said that the oedometer test
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si-,mlates actual field conditions better than any other single, common soil

test.

Section 4.2 discusses the adaptation of the oedometer test to dynamic

loading conditions. Fortunately, it has not been found necessary to dupli-

cate exactly the very rapid rise times (about 1 msec) experienced at shal-

low depth below an advancing airblast front. Rise times of 10 msec or even

longer have proved to be satisfactory. Some special precautions are lieces-

sary to ensure that no water escapes from the soil during loading, so that

the undrained conditions existing under the actual load.ing are maintained

in the laboratory test. The greatest problem has been that the soils of

interest in protective construction are generally far stiffer than the

soils which are usually tested in connection with conventional soil engi-

neering problems. In conventional (static) problems, usually there is

little concern about settlements unless the modulus (with drainage per-

iitted) is less than 5000 psi. On the other hand, sites generally will not

be adequate for hardened protective construction unless the average modulus

within the upper 500 ft exceeds 50,000 psi, because large explosions cause

high pressures over a huge area of the surface of the earth. The emphasis

upon testing stiff soils has required very rigid test devices and special

test procedures.

When dealing with problems involving wave propagation, details of

stres3-strain behavior become important which are of little consequence to

static problems; for example, energy loss during a cycle of loading. Thus,

testing soil for weapons effects and protective construction problems has

led to a more detailed study of stress-strain behavior than had previously

been made. Section 4.3 discusses the important general features of stress-

strain behavior during one-dimensional compression, as learned from this

intensi-re study.

As discussed in Chapter 2, for most ground motion predictions it suf-

fices to characterize the stiffness (or compressibility) of soil by a

single parameter such as a modulus. However, as the discussion in section

4.3 makes clear, there is no such thing as the modulus of soil. Rather,

modulus is a function of stress level, prior loading history, etc.
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Section 4.4 discusses the selection of a modulus suitable for typical

actual practical situations.

For some advanced prediction methods and for purposes of research, it

is necessary to know typical values for other parameters such as relaxation

time, recovery -tatio, etc. Some ranges of typical velues of such param-

eters are given in section 4.5.

4.2 TEST EQUIPMENT AND PROCEDURES

4.2.1 The MIT Tester. Fig. 4.1 shows the essentials of the test de-

vice developed at MIT for dynamic one-dimensional compression tests. It

has the following key features:

(a) A uniform axial stress is applied over the surface of the soil by

fluid pressure acting against a rubber membrane.

(b) Axial shortening is measured over the central portion of the

pressure
L.V. DT.• transducer

conf ining pressur

- backpressure
dynamic pressure

I IT_ I-- .

VI rubber I -rings

oo pressure
""c":hmmber

S so -, sample"',,, ,

T 1/2" diameter

Fig. 4.1 MIT one-dimensional compression device
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cross-se-tiinal area by monitoring the motion of an aluminum

disk. Thus the strains are determined in that part of the soil

wrich is stressed and strained uniformly and is free from the

u-nown effects of side friction.

(c) There is provision for an initial static stress, to simulate the

effect of natural overburden and to seat tih specimen against its

base and the aluminLum disk against the specimen.

(d) Load increments can be applied with a rise time of about 10 to

15 msec.

(e) The cell is extremely stiff and contains other special design

features as well, so as to minimize errors caused by deformation

of the cell itself.

(f) The specimens are sealed so that there can be no drainage of pore

water during the loading.

The test technique involves still another special feature: the use of re-

peated loadings so as to minimize the effects of disturbance during

sampling.

These various feat'.res are discussed in more detail in the following

paragraphs (also, see Repo:ts 17 and 21).

Uniformity of stress and

strain: In the ideal oedometer

..i. ' sD. ICTION T test there would be no shear stress

between the soil and the rigid con-

tPDoTTOM'PToPT tainer. In actual tests such shear

0 stresses do occur (fig. 4.2a) and
A are referred to as side friction.

Because of side friction, stresses

N and strains are not uniform

c. STRESS APPLIEDSTRLOS AT UENST HROUG AEPB throughout the specimen and in par-

ticalar the average axial stress

b FORCE APPL.ID decr,.ases from the top to the bot-

THROUGH RIGID DISK tom of the specimen. In conven-

Fig. ~4.2 Effects of side tional static testing, the axial

friction stress is &pplied through a rigid
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disk covering the entire specimen (fig. 4.2b). Since side friction acts to

stiffen the soil near the wall, the stress between the disk and the soil is

larger iear the wall than at the center line. All of these effects compli-

cate greatly the interpretation of the test results. In order to minimize

the unnertainties associated with these effects, the dianmter of a specimen

should be several times the thickness. A ratio of 4 to ! is often used.

Attempts have been made to use lubricants between the soil and the wall

(for example, see Aldrich, 1951) but the practical difficulties in their

use generally overshadcw their beneficial effects.

In the MIT tester, the uncertain effects of side friction have been

minimized by applying stress through a flexible membrane and by measuring

strain in the central portion of the specimen where the strains are rela-

tively uninfluenced by tide friction. With this loading arrangement, the

top surface of the specimen deflects nonuniformly (fig. 4.2c). However,

over some central section the de-

flection is uniform. introducing a Sample: Monterey Sand
Unit weight 9S.5 tb/ft

3

rigid disk in this central section 0.7 -- f@,fining Pressure : 14 lb/in2
-

will hence not affect the stress or Average Stress Increment: 49 lb/in2

strains. The proper diameter for•

this disk was determined by progres-

sively decreasing the diamecer until d d :

an increment of decrease had no ef- Z .e300*
,.75.

fect upon the measured strains (fig. k I -o0.4--

4.3). A disk whose diameter is about

one-half the diameter of' the specimen

is apparently the optimmun size.

The movement of the disk is de- ------

tected by a sensitive linear variable

differential transformer (LVDT). The 0.1

rod from the disk to the LVDT passes

loosely through a hole in the upper
1 2 3 45

block of the oedometer. It is impor- Cycle of Loading

tant that there be no drag force on Fig. 4.3 Influence of disk size

the rod at this point. The disk on measured strain
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should be as light as possible and hence is made of alumimun.

Stiffness: If an axial stress of 100 psi is applied to a specimen
with a thickness of 1 in. and a modulus of 10,000 psi, the resultant change

in thickness is 0.010 in. If the modulus of the soil were 100,000 psi, the

thickness change would be only 0.001 in. Obviously it is necessary that
the apparatus used to house the specimen be very stiff so that the deflec-.

tion of the apparatus is much less than the thickness changes which are to

be measured.

By direct measurement, the relative movement between th.e center of the

lower part of the test device and the attachment point of the LVDT was

found to be about O.nOoo4 in. for a change of 100 psi in the pressure ap-

plied inside the test device. For a specimen of soil with a thickness of

1 in., this is equivalent to a modulus of 2,400,000 psi. Thus, measurement

of modulus values up to. 200,000 psi can be made without being significantly

affected by lack of complete rigidity in the apparatus.

One of the keys to achieving adequate rigidity is having direct metal-

to-metal contact between the upper and lower halves of the apparatus. All

earlier devices in which the membrane extended entirely across the inter-

face between the two halves had insuffioient rigidity. By exercising

proper care in the assembly of the device shown in fig. 4.1, leakage of air

pressvre past the membrane can be held to a level which is insignificant

during a test of 1-hr duration.

Loading system: in

RISE TIME most of the tests which have
INITIAL - cosTANrT --- _NLOADING _NEXTcrcLE
STRESS STRESS been performed with the MIT

0 tester, the loading sequence

for each specimen involved

M (see fig. 4.4):
(a) Application of an

initial stress.

1,_11This initial

stress simulates

TIME the effect of

Fig. 4.4 Typical loading sequence overburden and
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also serves to give good seating between the specimen and the

bottom of the container and betwieen the specimen and the disk for

sensing strains.

(b) A rapidly applied dynamic stress increment. The dynamic modulus

is defined by the ratio of change in stress to change in strain

at tne end of this increment.

(c) An interval of constant stress, during which creep is observed.

(d) Removal of the dynamic stress increment, during which strain

iecovery is observed.

(e) Several repetitions of the dynamic stress increment. Response

durinF" the second and next several cycles is often found to beS~more representative of in situ response than the response during

the first cycle, since seating errors are removed by the first

cycle.

The elements of the loading ý,,•em developed for tiese tests are shown in

fig. 4.5. The space immediately above the membrane is filled with water.

gage

oscillator "--h-"c-- r gu gage
reure gageSnitrogen

II ET accaccumalarsr

regulIotor

pressurecoptransducer , plug Volvo

S• water

S~accumulator

' ' "'" ":::nitrogen

supply

Fig. 4.5 Sketch of layout for one-dimensional compression tests
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Initial confining stress is supplied through the water accumulator. Dy-

namic stress increments are applied by rapidly opening the plug valve lead-

ing to the nitrogen accumulator. Since the space between the plug valve

and the membrane is filled with water, only a small volume of air must flow

through the plug valve in order to develop pressure against the soil, and

rise times of 10 to 30 msec can be readily obtaineL.. A rubber disk (not

shown) over the port to the water accumulator serves as a check valve to

prevent the dynamic stress from feeding back into the confining stress sys-

tem. Unloading is accomplished by merely closing the plug valve and allow-

ing the pressure to dissipate through the leak around the rod to the LVDT.

The resulting unloading time varies up to 50 sec.

Various other loading schemes were used at one time or another to pro-

vide rise times as short as 1 to 2 msec (see Report 17). However, the dy-

namic moduli obtained with these short rise times differed only slightly

from values obtained using 10- to 30-.qsec rise times. Rise times less than

1 msec should not be used, since then time for a wave to propagate through

the specimen approaches the rise time and hence the strains become non-

uniform over the thickness of the specimen.

In some tests a rapid loading and unloading were desired. This was

accomplished by means of a plunger inserted through a bushing screwed into

the dynamic pressure inlet The press-re was applied by hitting the

plunger sharply. The entire cycle of loading and unloading was completed

in about 30 msec.
Testiji undisturbed samples: Samples -taken in tight-fitting metal :

tubes are best tested by using the metal tubes to provide the lateral con-

finement, as shown in fig. 4.6. The
space surrounding the metal ring is

packed with sand, primarily to pro-

vide support for the membrane. The ]
san •"'top and bottom surfaces of the spec-

tub .imen must be as plane as possible,

and a file has been found to be very

Fig. 4.6 Arrangement for testing useful for preparing specimens of

undisturbed samples stiff soils. With this arrangement,
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it is difficult to prevent some loss of water from the specimen, although

grease placed around the bottom of the metal ring is of some help. Tests

on a variety of undisturbed samples are reported in Revort 17.

4.2.2 Later Versions of the MIT Tester. Schindler (1967) has de-

scribed several evolutions of the MIT tester. One of the most important

advances has been placement of the transducer for measuring strain inside

the pressure cell, so as to eliminate the conflicting requirements upon the

bushing where the rod to the transducer passed through the top of the cell.

Fig. 4.7 shows details of the arrangement developed at Stanford Research

Institute (Seaman, 1966), and fig. 4.8 shows tnx compression devic.2 devel-

oped by the U. S. Army Engineer Waterways Experiment Station. The latter
device permits testing of larger specimens, thus reducing still further
errors associated with side friction and seating, and can be used in con-
junction with a special loading apparatus for applying controlled-load time

histories. .0

HOLE FOR '/2* BOLT (12)
PLUNGER ¼"BOLT

S,...ALUMINUM CA

LINEAR VARIABLE I
DIFFERENTIAL TRANSFORMER

;-L.V.D.T. CORE :"~

lit

'A2I
34-0 16 /

0. / PRESSUR.E.CHAMBER 1/2 ._ .8

SI CHAMBERU. IN 025
'FOLLOWER DISK 0.210,_ •01!

NEOPRENE DIAPHRAGM 0,290.\-'--' ••

•"STAINLESS
S~STEEL

,= ~ ~ ./ 7 II"DI

Fig. 4.7 SRI version of MIT Tester (from Seaman, 1966) ••
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vi'v~in a netal ring 6.8 in. in iliam-
et%,er. C~ircumnferential strains with- A

in thiis risg are detected by straiin Mor aMI

gages, and the oil pressure againstI

th-e outside of the ring is adjusted -M

as recessary to ma~intain zero lat-

eral stress. This arrangement comes

t:-e closest of all tests to giving Smca

a true one-dimensional compressio-n Fi..9Aprtsoracae

con~dition, although some side fric- measurement of lateral !! L~ess dur-
tionis til prsentandthee ~ing one-dimensional compression
tionis til i~eser an thre re from iiendron, 196A)

cther eyzei-mntal difficulties.

:?ig. 4.10 shows an arrangement

devieloped by *URS (Zacccr and W~allac'e,

PRESSURE -19063) . Loading is applied through a

* I Diston (buffer), and the sDecimen is

contained on the sides byi a closed

TEFLONfluid system. A rubber membrane

separates the fluid and the soil.

T~his arrargerient largely eliminates

RUBBER t;he side-friction problem. H!owever,

STREW rnsome lateral strain actually occurs

1", A -CETAITE DIAPmRAGM and there is no gu.arantee that the

* I Ilateral strain is uniform along the

length of thie specimen. "LJIRS also

hnas erpoloyed a series of stacked
rings to p_-rovilde lateral confinement

Fig. 14.10 One-dimensional compres- in a marnner similar to that shown in
sion device with fluid boundaryr fig. .11. This system worked only
(courtesy United Pesearch Services)

with dry 3ands.

More recent developments in testing systems have been described by

Jackson (1968).

The devrice shown in fig. 14.10 has also been used for wave propagation

tests on long specimens; that is, tests in which tnc rise time is short
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TEFLONS LOWiE 1.O.040io-ssTW
K4=0C TO 'PKN

-61123 (FOR MOIST)

ST 4W 32-S A LUMIUWM *RINGS

BT1 - OYNTON LOADER 1V- 101-ISATIch O
26 3WNE.)PRENE "OBSER

SPACERS. 1 /11--Thwk

SOIL ALUMINUM RINGS;
,OCTAGONAL. SH4APE.

COLUMN _/'1 2I/i1nIO13 3/8.nOO

ELEVATION

CONCRETE FOUNDATION TPVE

t OELAY !'YRAMIO

0. OVERALL VIEV' b. SEGMENT OF SOIL COLUMN BETWEEN
A" RINGS

;Fig. 4.11 Articulated lateral boundary for
one-dimensional wave propagation tests

(courtesy Stanford Research Institute)

compared to the time for the wave to propagate through! the specimen. Other

special systems for wave propagation tests have been developed at Stanford

Research Institute (Seaman, 1966), at IIT Research Institute (Selig, 1964),
at Columbia University (Stoll and Ebeido, 1965), and at the U. S. Army En-

gineer Waterways Experiment Station. The SRI system is shown in fig. 4.11.

Lateral confinement is provided by rings separated by rubber. The rubber

separators act to minimize the effects of side friction. Tests with these

devices have played an important role in studyi.ng the applicability of one-

dimensional compressibility to the analysis of wave propagation.

4.3 GENERAL ASPECTS OF BEHAVIOR

4.3.1 Ideal Packings of Perfect Spheres. Considerable insight into

the stress-strain behavior of soil is gained from the theory for the be-

havior of perfectly packed, ideal elastic spheres. The general formulation

of this theory is described by Deresiewicz (1958). Hendron has applied

this theory to one-dimensional compression of a three-dimensional array of
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PROPERTIES OF SPHERES Jae PLANAR
f & 0.175 694666"6#8 X
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-o-•,I -- '--" -,
0_ - -g

00 __00-

TANGENT MODULUS TANGENT MODULUS

1.4 -1.4-".2..-- _, ,,.

< 1.0/ C

• o.e " ..
-------------- ). I ...... •...... .. .,. , _. . ..

STRESSRATIq ___ _ STRESS RATIO

O'0_ 1_ -4_ 6 S 1O 12 0.0 2L 4 6 8 10 12,
STRAIN, HUNDREDTHS OF % STRAIN, HUNDREDTHS OF %

Fig. 4.12 Stress-strain curves for hypothetical
one-dimensional compression tests on planar

array of spheres

spheres. Report 19, from which fig. 4.12 is taken, givres results calcu-

lated for a planar array of spheres.

*During one-dimensional compression of such an array, the centers of

all spheres move only in the direction of the compression. There is, of

course, elastic distoztion of the spheres as the result of the forces be-

tween the spheres. However, compatibility requires that there also be

sliding between spheres at the contacts. Thus shear forces, whose
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magnitudes are determined by the coefficient of friction, develop at the

contacts. Because of those shear forces, the lateral (horizontal) stress

necessary to preserve the one-dimensicnal condition is different than the

axial (vertical) stress applied.

L.hen the loading begins with the initial stress 0o = 0 (fig. 4.12a),

sliding between spheres begins immediately. The resulting shear forces are

such that the lateral stress a is less than the vertical stress a

during the loading. As the loading progresses, it becomes progressively

more difficult to dis3tort the spheres and hence to cause sliding between

spheres, and thuz the array becomes progressively stiffer--as shown by the

increasing tangent modulus. During unloading, the spheres begin to regain

their original shape and compatibility requires that there be reversed

sliding. This the shear forces at the ccntacts reverse in direction, and

the lateral stress becomes greater than the axial stress. When the stress

is entirely removed, the array returns to its original condition; i.e.

there is no permanent strain. However, the loading and unloading have re-

sulted in a hysteresis loop, and hence energy has been lost during the

cyc.e of loading.

When the loading starts with a > 0 (fig. 4.12b), there is an ini-0
tial transition phase during which the frictional resistance provided by

the initial stress is gradually overcome and sliding between spheres devel-

ops. During this initial phase the tangent modulus decreases. Once slid-

ing between spheres is fully developed, the behavior is similar to that

described in the previous paragraph except that a permanent strain remains

after the stresses are returned to the initial stress a . A closed
U

hysteresis loop will develop during a second cycle of loading.

4.3.2 Dry Granular Soils. Dry soils experience the same phenomena as

ideally packed elastic spheres, plus one additional phenomenon: progres-

sive rearrangement of particles into tighter packings. Thus strains within

actual granular systems during loading are greater than those within the

ideal system, and the permanent strains after unloading are also greater.

This difference of course arises because the irregular shape and unequal

size of the particles within an actual soil preclude ideal packings of the
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particles. The irregularly shaped particleb are a] so more susceptible to

breakage than perfect spheres.

Virgin loading: Fig. 4.13 shows observed stress-strain curves for a

uniform rounded sand.

020 40_6 0_0100 2000 400 MO Soo o -0 -

•oL,-\ C oo,,4
I-I0.S02 J0.00 MID�-

- 0.00- - 0 0.C-

-J
- 200- -2o

.2 200 400 600 800 oo0 o o

• ; STRESS, psi
07 0TAWA SAND

SINITIAL POROSITY, 0. 375
0 BASED ON• INITIAL THICKNESS

Nl q BASED ON ACTUAL THICKNESS

Fig. 4.13 Behavior of Ottawa sand during initial loading in
one-dimensional compression

Below a stress of about 2000 psi, the stress-strain curve shows an up-

ward concavity (stiffening behavior), and the tangent modulus increases

steadily with increasing stress. The major cause of strain presumably is

rearrangement of particles due to gross sliding at contact points. As the

stress level increases, the effect of every rearrangement is to produce a

more stable packing of particles which is more resistant to further

deformation.

At a stress level of about 2000 psi, there begins a decrease in the

tangent modulus. Individual grains break down, permitting a still denser
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arrangement of the mineral mtter,

.*W-,SLoTVSA S AN and eventually the modulus once

"Avg 0 0 4N .... again rises with increasing stress.

- -. -o - I. - -The general PP.'tern showm in

z fig. 4.13 is exhibited by all sands.

IIIFII Fig. 4.14 gives curves of tangent

j - 'moduluc versus stress for four dif-

00 , , '- ferent sands placed initially at two

-I different relative densities. When
..,I2 - - - . . ..- -

7 a sand is in a loose condition,

s o... there are fewer points of contact

40 ........ than when the sand is in a dense

0 ' o 600 20o0 condition. Hence for a given over-
0 40 90 120 100 0002400 2800 320 3600

VERTICAL sT•Essg,, all stress the contact stresses are

Fig. 4.14 Behavior of' several sands greater in the loose condition, and
during one-dimensional compression(fromHendon, 63)c-rushing begins at a smaller overall

(from Hendron, 1963)
stress. The crushing effect is min-

imized when the sand is well graded, for then there are many contacts and

hence relatively small contact stresses. Crushing begirs at lower stresses

when the sand is composed of angular particles.

The curves in figs. 4.13 and 4.14 do not define clearly the stress-

strain behlavior for very small stress increments such as 1 to 5 psi. The

behavior with such small stress increments

is studied in detail in Report 21, and a

typical pattern is shown in fig. 4.15. Ini- 00 SULDINGATOST
W CONTACTS

"tially there is a yielding type of stress-

strain curve as sliding at contacts develops 0: t-

gradually. Thus initially the modulus de- U1

"Creases and only after this initial transi- 0 SLIDING AT SOME CONTACTS

tion stage does the stress-strain curve be- I
come concave to the stress axis. The ex- DISTORTION AND SLIP

tent of this initial yielding zone depends MNCREMENT OF STRAIN

Fig. 4.15 One-dimensional
upon the initial stress, increasing as the stress-strain curve for

initial stress increases. For very compact small stress increments
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natural sands (especially if some cementing has occurred), thin initial
yielding range may be quite appreciable. Yielding behavior of the type

shown in fig. 4.15 also may be observed whenýýver a loading is resumed after

the stress has been held constant at come level for a period of time.

Unloading and reloading: Fig. 4.16 illustrates the expansion and re-

compression of sand as the result of remov-

ing the applied stress when it reaches some . 5 f.IIII II.
level, and then once again incrEasing the 4 MEDIUM GRAIN SIZEFAIRLY DENSE

s-cress beyond this level. There are three 3 - - - -,

salient facts: (a) the unloading and re- J- .- -

loading branches are considerab steeper X '-Ci

than the virgin loading branch; (b) a hys- 0 0.2 0.4 0.6 0.8 1.00 1'20
AXIAL STRAIW.%

teresis effect is present; and (c) a net
Fig. 4.16 One-dimensionalcompressive strain develops as the result strssst1 i behavioru-S~stress-strain behavior dur-

of unloading and reloading. The greatest ing unloading and reloading

part of the strain recovery during unload- (from Taylor, 1948)

0s ing occurs only after the stress

2 ,olevel falls close to zero total
0, T50AE1,4152

2:0 - stress. When loading is continued

- /beyond the level from which the un-
I0 -ST, ATIC loading occurred, the stress-strain

curves follow much the same path as

A 30 s- would have been found for a contin-

25 0- 05 STATIC -- - uous Virgin loading.
? •",U.,.eC DIAQ;RAM ý, I /

0 - 1 The curves in fig. 4.16 imply
/// : / that energy loss occurs during aF or II "" 0i cycle of loading and unloading. The

(b) energy loss* during a virgin cycle of
_________I GRAVEL

0 o 5 10 1s 20 loading and unloading will vary

greatly with tie initial density of
Fig. 4.17 One-dimensional stress-
strain curves for very loose sand the sand. Fig. 4.17 shows stress-and gravel (from Heierli, 1962) strain curves fcr a sand and a

.X- ere energ,; loss is defined as the ratio of the area enclosed by the
loadin:-unloading curve to the area under the loading curve.
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gravel, both in an extremely loose state,
MONTEREY SAND 1F

COARSE UNIFORM SAND and indicates that the energy loss ap-
UIlT WEIGHT 104 tb/ftp

•proaches 100% for such cases. For a

- .cnse sand, the energy loss during virgin

. I ,loading and unloading is more like 50%.
a S,-- -,- - Repeated loading: Fig. 4.18 illus-

74 trates the stress-strain behavior when

4 1the stress is cycled several times. The
"3 - -i hysteresis loop for the second cycle of

2 - loading and unloading shows less net

strain than does the first cycle. The

DENSE OTTAWA SAND
0., 0.2 0.3 0.4 0. 0.6

AXIAL STRAIN, % 175I -

Fig. 4.18 Effect of urloading 4
and reloading during repeated ISO OM ULTRASONIC WAVE

FROM UTAOIWAE w-AVE. FOR 500 thone-dimensional compression VELOCITY. AvE. OF MAINt/ CYCLE;A-.Spsi

0.125hL

energy loss per cycle decreases some- / 'AVE. FOR 5 th

what with additional cycles, and the /
o AVE. FOR 2nd

loops gradually become steeper. How- " /CYCLE;pa oi

ever, these changes are very gradual 0 7 ___ Y 4 +
after the first two or three cycles. / AVE. FORI, sS,, •"./ ,'"CYCLE ;Ar,"IO psi

Fig. 4.19 shows the gradual increase 5o ;

in the average slope of the stress- - - _

strain curve as the repeated loading N ESNOTE, AVERAG•E CURVES HAVE

SEEN DRAWN THROUGH
progresses. After about 10 cycles, it S ATTERED DATA

0 -

becomes difficult to detect whether or 0 20 40 so so 100 120 140
INITIAL STRESS, psi

not there is a net accumulation of
Fig. 4.19 Secant modulus versus

strain per cvcle; that is, it appears number of repeated loadings

that the hysteresis loops have become

stabilized, as shown in fig. 4.20 (see Report 17). However, it has been

observed, that strains still continue to increase even after 10 cycles.

Time effects: Creep occurs in a dry sand following ,i very rapid ap-

plication of stress, as illustrated in fig. 4.21. The rise time in ttiese
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Fig. 4.20 Hysteresis loops Fig. 4.1Creep during rapid
after abcu~t 500 cyc~les in one-dimensional compression

one-dimensional compression tests

i tests was about 10 msec, and though creep continued at a slow rate for sev-

;, eral minutes, most of the creep occurred within 50 to 100 msec. The same
* time effect shown by creep tests appears as a time lag between peak stress

and peak strain during cyclic loading (Seaman, 1966). Results indicate

that time effects are most pronounced when the stress increment is small;

i.e. when the increment is of the same order
of magnitude as that required to develop the

yielding effect shown in fig. 4.15; see •/

fig. 4.22. Ir lIsE Tui
Such time-dependent effects can be exam- aression

mied from two viewpoints: (a) the effect of wrise time on modulus, where rsodulus is defined - e " / ts TIME

as the ratio of stress to strain during and at fo-ev

thie eryend of th loading, and ab) the need INCRmMeNT OF STrAIN

for, and suitable numerical values for the a 1ig. 4.22 Loading rate
versus one-dimensionalconstants of, viscous elements in a rheo- stress-strain behavior

logical model of soil.
The secant modulus of dry sand during a rapid loading (say lO-msec

rise time) is distinctly greater than that for a slow loading (several

minutes rise time). Report 21 suggests that the increase might typicaly

be about 40%. Examination of fig. 4.21 indicates that rise tiTes in tIe

V range of 10 to 50 mnsec wou~ld give values of modulus differing by only about

5%, except for small stress increments during the first loading. Such a

small difference is insignificant for practical purposes. It sh•ould be
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noted that the ratio of dynamic to static modtuli of sand cannct be deter-

mined from tests with a rapid stress increase followed by crEep during con-

stant stress, since the strain in such tests at the termination of creep

has been found to be less than the strain at the end of a slow loading to

the same stress (see Report 21).

Fitting rheological models to observed results is discussed in Report

17 and in Seaman (1966). A useful model is illustrated in fig. 2.41.

Lateral stresses: Hendron (1963) has obtained excellent data concern-

ing the relation between lateral and axial stresses. Fig. 4.23a shows a

typical set of data. During loading,

MINNESOTA SAND " the ratio of these stresses is almost4 .0.12, 0, -0.34

- constant. During unloading, however,

J •the ratio progressively increaseE and

14 4t - near the end of unloading this ratio

o 1200 60 2000 2400 2600 32 3,6 exceeds unity. Values of this ratio
VERTICAL. STRESS. psil

during unloading are plotted in

-ratio denotes the ratio of the nmxi-
-WW mum previous -vertical stress to the

Wl present vertical stress.

O•ERCONSODATION RATIO OC.R.) STr: Dry granular soils ex-

hibit yielding in one-dimrensional
Fig. 4.23 Lateral stress during

one-dimensional compression compression for very sma±l st::ess

increments, stiffening behavior for

large stress increments, relatively low recovery of strain during unload-

ing, and hysteresis loops during repeated loadings. These features, plus

that of the ratio of lateral to axial stress, can be understood quali-

tatively from the theoretical behavior of ideally packed spheres. Quanti-

tatively, the behavior is influenced greatly by the size, shape, and grada-

tion of the particles composing the actua2 soil.

4.3.3 Other Soils. Natural soils and soft rocks exhibit the same

general stress-strain features as do dry granular soils. The influence of

pore water and of fine-grained soil particles is discussed in the following

paragraphs.
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Fully saturated soil: In a dry soil, the resistance of the mineral

skeleton to compiression is rach greater than the resistance of the pore air

to compression. Thus, when a dry soil is compressed the air in the pore

spaces offers negligible resistance to compression.

However, if the pore spaces are completely filled with wp.tcr, just the

reverse situation prevails: the compressive resistance of the V"hter now

exceeds the compressive resistance of the mineral skeleton (not to be con-

fused, with the compressive resistance of the minerals composing the mineral

I skeleton). Neglecting the very small compressibility of the mi.neral parti-

cles (the compressibility is much less than that of. water), the compressi- -

bility of a fully saturated soil is:

Unit compressibility = n/Bw

where

n = porosity

= bulk modulus of water

With n 0.4 and Bw 300,000 psi, the unit compressibility isx10-6
1.4 x l per psi. Thts for stress changes up to several hundred psi, the

compression of fully saturated soi2 is very small and difficult to measure

with great accuracy.

The foregoing discussion presumes that there is no movement of pore

water out of the soil during compression; that ii, that the loading is un-

drained (see Chapter 1). The undrained conLdition generally exists during

a blast loading. During a loading so slow as to permit full drainage, a

fully saturated soil may be very compressible--just as a dry soil.

Fartiallý saturated soil: When the pore space is filled partly with

gas and partly with water, the behavior during coipression is more compli-

cated. For small stress changes, the stress-strain rel3tion is governed

primarily by the resistance of the mineral skeleton. However, under very

large stress changes the gas will become first highly compressed and then

dissolved in the pore water so tnat the soil becomes fully saturated. Thus

a partially saturated soil may be quite compressible for small stress

changes and then rather suddenly change to a highly resistant material.
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20,300- This pattern of behavior is ijlus-.
°•i S -13%

7 trated in fig. 4.211. As the init..al
- ",7.O -- .. -degree of saturation increases, the

strait required to bring the soil to
I N fill saturation decreases and the

b2o OO - -54% ' transition from a compressible to a

,o - -compression-resistant material be-

-I comtes more abrupt.
--- ~.-.--~ It is possible to write approxi-

o -matel,- correct equations relating ap-

I ! plied stress to the amount by vh-ich
- S =27% the pore gas compresses and dis-

0______ solves (see Chapter 5 and M R
. 0.I10 0.20 0.30 0.40 0.50 0.60

AXIAL STRAIN, E . IN./IN. GEOPLOSICS), and these equations cun

be used to study the transition fromFi Kg. 4.24 Dynmmic one-dimensional l

stress-strain curves for compacted partial to full saturation. The re-
silty clay (from Hendron, Davisson, sults of calculations based on theseS•~~nd Parola, li•69) _•

equations are useful for identifying

the range of the variables for which the resistance of both the mineral

skeleton and the pore phase is important. A typical set of results is

Sgiven in fig. 4.25; results for other initiaL pore pressures have a siirilar

pattern with the boundary between zones A and B shifting. If the condi-

tions of interest to any particular problem fall within zone B, it is es-

pecially important to duplicate closely the initial in situ conditions

(initial pore water pressure, initial effective stress, degree of satura-

tion) if a laboratory test is to give an accurate stress-strain curve. By

the same token, values of i.iodulus measured for conditions corresponding to

zone B must be regarded with some skepticism until the validity of such

mniasurements is confirmed by field experience.

Unfortunately, it is difficult by conventional soil mechanics tests to

establish the initial in situ degree of saturation with great accuracy. It

is not uncommon for a- laboratory following the very best of practice to re-

port 98% (or 102%) saturation when the actual saturation _s essentially

100C%. Accurate measurement of undrained modi-lus provides a sensitive test
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DEGREE CHANCE IN APPLIED STRESS
,o___, ,ooPs, I oooI

4_ I

989

Fig. 4.25 Pattern of
Ihehavior for undrained
loading of partially

saturated soil s0

"TONE A: RESISTANCE OF PORE PHASE UNIMPORTANT. AND SOIL DOES NOT BE-

COME FULLY SATURATED DURING LOADING. SECANT MODULUS FOR

UNDRAINED LOADING ESSENTIALLY THAT OF MINERAL SKELETON.

ZONE B: RESISTANCE OF PORE PHASE IMPOR r ANT AND SOIL BECOMES FULLY
SATURATED DURING LOADING. SECANT MODULUS FOR UNDRAINED

LOADING INTERMEDIATE BETWEEN THA
T 

rOR FULLY SATURATED
SOIL AND FOR MINERAL SKELETON.

ZONE C: SECANT MODULUS FOR UINDPAINED LOADING NEARLY EQUAL TO THAT
OF FULLY SATURATED SOIL.

APPLIES FOR SECANIT MODULUS OF MINERAL SKELI.TON - 30.000 PSI AND INITIAL

PORE PRESSURE = 130 PSIA.

iýrPISTON (.0o used)

.1 for full saturaLion; if the measured

- -AIR VENT secant modulus of a soil is 200,000

psi or greater during a stress change

of several hundred psi, the degree of
-- STEEL CYLINDER

3. THICKNESS saturation is essentially 100%,. Fig.

4.26 shows a hydrostatic compression

apparatus devised for special tests
- VALVE

LUCITE SAMPLE to determine whether undisturbed sam-
CHAMBER. OIL FILLED

41X 4"x. ples of natural soils are essentia].ly

----SOILSAMLE fully saturated.* The chamber sur-

rounding the soil is filled with oil,

.• ' -- PRE.SSURE LINE

PROSSuRE LINE Fig. 4.26 Triaxial cell for
bulk modulus measurements

(courtesy of MIT)

* Unpublished reports by the writer.
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which will not penetrate into saturated soil. The change in volume of the

soil can thus be determined by monitoring the volume of oil which flows

into the inner chamber when pressure is applied. Tha inner container is

subjected to the same pressure on both sides; hence this chamber experi-

ences only very small dimensional changes as the applied pressure changes

and the associated corrections for these dimensional changes are very

small. Since the sample need not be trimmed or seated and since no trans-

ducing element need have contact with the soil, the major sources of error

in modulus measurements are eliminated. Since no membrane need be placed

around the sample, there is no danger of trapping air adjacent to the sur-

face of the sample as jacketing is applied.

Shape of stress-strain curves: As illustrated by the curves in

fig. 4.24, for very large stress changes the stress-strain curves of nat-

ural soils are concave to the stress axis (stiffening behavior). However,

10o0 ------- for smaller stress changes natural soils
w = 11.2%
e 0.382 generally exhibit yielding behavior during
S 78.3% S=100%

800 - d120.SPCF one-dimensional compression (fig. 4.27) to

$2 a much greater degree than for dry granu-
#ý 0 I

0 Goo"" lar soils. Figs. 4.28-4. 3 0 present a typ-

j ical set of curves for compacted, par-
4
4002 tially saturated silt, showing that even

> ~for quite large stress changes the tangent-~// and secant moduli generally are consider-

_ably less than the initial tangent mod-0e

VERT:CAL STRAIN, %. ulus. The more pronounced initial yield-

Fig. 4.27 Dynamic one- ing behavior in natural soils as compared

dimensional stress- with granular soils results partially from
strain curve for undis- weak cementation formed within natural
turbed sample of till

(from Jackson, 19C8) soils and partially because soils with

fine-grained particles have a greater

"remembrance" of past loadings.

Time effects: Creep and othei time-dependent effects are generally

somewhat more important in natural soils than in dry granular soils. How-

ever, the difference in behavior is not great. Fig. 4.31 compares curves
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Fig. 4+.28 Dynamic stress-strain curves,
one-dimensional ,compression, 100-psi
surcharge (from Calhoun and Kraft, 1966)

40 Moisture content, %

3 13 7

32

0 1.00 '0 300 400 500 600 700 S00
Dynamic axial stress, psi

Fig. 4.29 Secant modulus versus dynamic axial stress,
100-psi surcharge (from Calhoun and Kraft, 1966)



40 Moisture conten't. I

• 12.0
013.7

24-

r16

0 l00 200 300 400 Soo 600 700 800

O.nnmic axial stress. psi

Fig. 4.30 Tangent modulus versus dynamic axial stress,
100-psi surcharge (from Calnoun and Kraft, 1966)

-_from a static undrained loading test and a

800 w 2 88%-- test with a rise time of about 10 msec.e = 0.545
s 91.8% '

7tI07.PC.F At a given stress, the strains during
GS= 2.66

rapid loading are from 20 to 50% smaller
I0 SDYNAMIC than those achieved by a slow undrained

"400/ loading. Fig. 4.32 illustrates creep in

u s-/oo•natural soils following a rapid loading

(compare with fig. 4.21).

ii SWC Of course very large time-dependent

S-2 0 2 4 6 uSVERTICAL STRAIN, 0/b V .

Fig. 4.31 Static and dynamic + u

one-dimensional stress-strain F AL RESU

curves for undisturbed sample
of till (from Jackson, 1968)

S08L
effects may be observed if results from 100 0

TME FROM START OF LOADING, msom

a rapid (and hence undrained) loading
Fig. 4.32 Creep during one-

are compared with results from a slow dimensional compression of

loading during which drainage occurs. natural soils 'from Report 17)

142

S .... ..... .... .. ... .. .. .. .... ...... . .



Ir
Other effects: Other phenomena observed in dry granular soils and

discussed in section 4.3.2 are also found to similar degree in natural
soils: behavior during unloading and reloading, energy loss during re-

peated loadings, lateral stresses, etc. Hendron and Davisson (1964) show

that the ratio of lateral to axial stress increases significantly as the
degree of saturation approaches 100.

4.4 EVALUATION OF CONSTRAINED MODULUS

As discussed in Chapter 2 and as noted in the introduction to this

chapter, the single most important stress-strain parameter for ground

motion predictions is constrained modulus. Unless a reasonably accurate

estimate can be made for the ratio of pepk stress to peak strain, no method

of ground motion prediction--however sophisticated--can give accurate

predictions.

At the present time, the most practical and versatile tool for evalu-

ating constrained modulus for blast loading conditions is the oedometer

test as described in this chapter. However, the discussion in section 4.3

has shown that modulus, in addition to being a function of both initial
stress and stress change, is also affected by many other details of the

test procedure. Moreover, the applicability of modulus as measured in the

laooratory is seriously affected by the quality of the sample. Hence, it

generally is best to supplement such resu3.ts with those from other types of

tests. In situ measurements of dilatational wave velocity and resonant

colusm tests on undisturbed samples are useful for establishing an upper

bound for the stiffness of the soil. Plate bearing tests may also be use-

ful. In short, the engineer should use every means at his disposal to ob-

tain quantitative measures of the stiffness of the soil, and then must

apply his judgment in selecting the most suitable value.

There is, of course, considerable experience in the selection of a

suitable value of constrained modulus for use in prediction of set".ements

under static loads.* For the more compressible soils, where average strains

under static loading exceed 1%, there has been reasonably good success in

SThe use and abuse of constrained modulus (or compressibility) with
regard to settlement estimates are discussed in Lambe and Whitman (1968).
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the prediction of settlement on the basis of a modulus (or compressibility)

from oedometer tests on undisturbed samples, provided cf course that good

sampling and testing techniques were employed. Based on an analysis of

some 20 cases in which a comparison of predicted and observed settlements

has been made, the average expected error is about 20% and an overestimate

is as likely as an underestimate. For less compressible 3oils, where aver-

age strains fall between 0.1 and 1.•0%, there has been less success. The

average expected error would appear to be 3y', or greater, and there is a

consistent tendency to overestimate the settlement. For the very stiff

soils, predictions of settlement based on laboratory oedometer tests gener-

ally are much greater--usually several times or even an order of magnitude

greater--than observed settlements. In all cases, even those involving

rock, observed settlements exceeded those predicted using a modulus derived

from in situ seismic level dilatational velocity. For the stiffer mate-

rials, modulus derived from the second or later cycle of a repeated-loading

plate bearing test has often been found to lead to reasonably accurate

settlement predictions.

From this experience with static settlement predictions, it should be

expected that no one single rule can be used for selecting constrained

modulus for use in blast loading problems.

4.4.1 Recommended Procedures in Case of Compressible Soils. Three

types of modulus determinations should be made: (a) in situ measurement of

seismic level dilatational wave velocity; (b) measurement of wave velocity

(in resonant column tests or by pulse techniques) in the laboratory using

good undisturbed samples reconsolidated to the in situ effective stress;

and (c) oedometer tests on oo0 d undisturbed samples, using apparatus and

techniques which minimize seating and testing errors. Tests (a) and (b)

are both aimed at establishing modulus for the case in which the stress in-

crement is smaller than the initial effective stress. Young's modulus as

computed from a rod velocity must be corrected into a corresponding con-

strained modulus using either an assumed value of Poisson's ratio or a

value of Poisson's ratio deduced by comparing shear and rod wave velocities

as measured in laboratory tests or shear and dilatational velocities as

measured in situ. Test (c) provides values of secant modulus, evaluated
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starting from an initial consolidation stress, generally determined from

the initial loading. The program of oedometer tests must include stress

increments spanning the range of stress increments expected in the actual

problem. If the soil deposit is uniform, samples may come from only one

depth, but various samples must then be consolidated under various effec-

tive stresses typical of the depths of interest. Alternatively, samples

may be taken from various depths and then placed under the total stress

existing at that depth.

Fig. 4.33a shows a set of results frcm such a program of tests. The

constrained moduli as deduced from the in situ dilatational and laboratory

rod velocities do not agree exactly, either because of difference in the

magnitude of the dynamic stress or because of testing, measurement, and

disturbance errors in one or both procedures. Below the 15-ft depth, the

secant constrained modulus as measured in oedometer tests with a stress

increment of 100 psi is similar to the constrained modulus for small stress

increments. At shallower depth and for larger stress increments, modulus

from the oedometer tests is definitely less than that measured using small

stress increments.

To use such results, it is necessary to estimate the peak vertical

stress as a function of depth. A typical curve applying for a problem in-

volving a large HE detonation is shown in fig. 4.33b. The solid curve in

fig. 4.33a shows the estimated variation of effective modulus with depth

(Hendron, 1965). This approach generally follows that suggested earlier

by Wilson and Sibley (1962).

4.4.2 Experimental Verification of Procedure for Selecting Modulus.

The validity of modulus values selected according to these procedures is

best checked by comparing peak vertical stress with peak vertical particle

velocity, using Equation 2.4. This comparison is best made right at the

loaded surface of a soil deposit or column of soil, because the peak stress

is known with greatest certainty at the surface. The comparison may be

made at depth provided that there are satisfactory measurements of the

stress increment at depth.

Laboratory tests: Table 4.1 summarizes corparisons between particle

velocities observed at the top of che soil column shown in fig. 4.11, using
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Table 4.1

Comparison of Predicted and Observed Particle

Velocities in Laboratory Tests

Peak Effective Ratio of
V CD , cm/sec o

w v D max ' Observed to
Soil* _ psi m Predicted Observed Predicted (.i)

1. Kaolinite 32 37 80 181 130 0.72
2. Kaolinite 19 75 230 133 116 o.87

3. Vicksburg clay 27 84 270 126 110 0.87

4. Iicksburg clay 24 162 330 182 140 0.77

5. Sand 0 67 360 79 40 0.51

6. sand 0 127 370 145 175 1.21

* Data for soils 1 through 5 from Seaman (1966); data for soil 6 from
Seaman and Whitman (1964). Data for all except soil 5 were obtained
about 15 cm below the surface; data for soil 5 were obtained about
60 cm below the surface.

a falling weight to apply dynamic loads, with particle velocities predicted

using constrained moduli evaluated in the device shown in fig. 4.7. The

modulus used for the predictions was the secant modulus to the peak stress,

for a sample initially under the static stress at the depth of the measur-

ing gage. The best and most complete data are for soil 3, for which the

error between predicted and observed values is 13%. Larger errors, with I
the observed value generally being less than the predicted value, occurred

for the other soils. There were a number of experimental difficulties in

these tests, including the measurement of both stress and particle veloc-

ity, and some of these difficulties would tend to make the measured veloc-

ity systematically less than the predicted velocity. However, the results

justify the conclusion that the peak particle velocity can be predicted

within about 30%.

Field observations: Table 4.10 presents results applicable to the

playa silt at the Frenchman Flat, NevE.!tic test site of the Atomic Energy

Commission. The first line of values in the table gives the modulus deter-

mined principally from measurements of peak vertical particle velocity a
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Table 4.2

Constrained Moduluo, for Frenchman Flat Silt

Constrained
Modulus, psi x l03

Depth, 0-60 ft Depth, >60 ft

Deduced from observed ground motions 14 80

Calculated from seismic velocity 35 150

Measured by dynamic one-dimensional 10 20 (initial
compression tests loading)

Calculated from modulus measured in 8 15 (initial
triaxial tests* loading)

40 65 (reloading)

Calculated from resonant column test* 40 110

Calculated from plate bearing tests* 8 -- 'initial
loading)

* Using Poisson's ratio of 0.3.

few feet below the surface. The remaining lines give values of modulus as

deduced from various field and laboratory tests. The moduli determined

from in situ and laboratory wave propagation measurements at small strains

are definitely greater than the secant in situ modulus under blast loading

conditions. For the shallow, more compressible layers, the moduli found

from the initial loading in oedometer tests, triaxial tests, and plate

bearing tests were not far different from the aotual secant modulus. How-

ever, these same tests badly underestimated the compression resistance of

the deep, less compressible silt. For this deeper silt, the reloading mod-

ulus is in reasonably good agreement with the observed in situ behavior.

Subsequent tests on the deeper silt, using improved sampling and testing,

have indicated that there really is better agreement between the modulus

during the initial loading in an oedometer test and the in situ modulus

(Hendron and Davisson, 1964). Wilson and Sibley (1962) have also dis-

cussed motion predictions for this site.

A second comparison between particle velocities as predicted using

results from oedometer tests and particle velocities observed in field
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tests is described by Zaccor (1967). In this case the soil was a desert

alluv 1.-ua and the peak surface sý,.-ess, resulting from'explosion of an array

of primacord, was about 300 psi. The upper 8 ft of the soil was quite corn-

pressible, with a secant modulus of about 3000 psi. Below this depth the

;zecant modulus Increased to over 7000 psi. The ratio of observed to pre-

dicted peak surface vertical particle velocity, using the secant modulus

for the upper 6 ft of s~il, was from 0.55 to 0.61. The effect of reflec-

tions from the interface at the 8-ft depth was not taken into account when

computing the theoretical particle velocity. These reflections would tend

to decrease the particle velocity, and the ratio of observed to true pre-

dicted velocity is probably more like 0.7.

A third comparison is provided by measurements of particle velocity

during Operation Snowball at the Suffiald Experimental Station in Canada

(Murrell, 1967). The soil is a lacustrine deposit consisting of fairly

uniform beds of clays and silts with occasional sand lenses. Data concern-

ing the compressibility of the soil have already been given in fig. 4.33.

The airblast loading, caused by a large chemical explosion, was from 200 to

300 psi at the location of the measuring gages. Vertical. particle veloci- ,

ties were measured at a depth of 5 ft where the peak stress was about 40il•C.

of the peak overpressure at the surface. At this depth, the predicted and

observed particle velocities agreed almost exactly, and the predicted and

observed peak vertical displacements agreed within 10% (Hendron, 1965).

Summary: While it is clear from these examples that the evaluation

of the effective modulus or effective wave velocity is far from an exact

science, it also is clear that the suggested procedures based on oedometer

tests provide reasonable estimates for many engineering purposes--at least

for the more compressible soils. It appears possible to estimate the ef-

fective wave velocity to within about 30% and the effective modulus to

within about a factor of 2, assuming of course that, good sampling and

testing techniques are employed.

4.4.3 Recommended Procedures in Case of Stiff Soil,.. As of this

writing, there is little or no direct experience with blast loadings

directly over stiffer soils. However, experience with static loadings

makes it clear that sampling disturbance makes unlikely accurate evaluation
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of modulus in soils having an effective modulus greater than 251000 psi.

There is some reason to believe that, because of compensating errors, the

modulus determtined during reloading cycles ir a laboratory oedoneter test

may be approximately the same as the in situ modulus. Table 4.3 illus-

trates the differenzei which my be expected between moduluAs as deduced

from seismic level wave velocity and as . easured in the laboratory.

The. following examples illustrate the thought processes involved in

choosing the miost suitable value for use in calculations concerning blast-

induced ground motions. The first two examples arose in 1959, at a tme

when neither concepts nor testing techniques were as well developed as they

are today. The final example is more recent (1962).

A deep silt-clay deposit: This example involves a more or less uni-

form deposit of silty-clayey material which extends to depths greater than

1000 ft. All of the top 1000 ft of the material is above the water table.

This material was laid down in a series of shallow lakes wl-ich existed over

a period of many, many years. There never has been more overburden than

there is at the present time.

The following quantitative information was gathered concerning the

mirterial between the 60- and 200-ft depths.

Standard penetration resistance: 50 blows/ft

Shear strength (from unconsolidated-undrained tests with chamber
pressure equal to overturden pressure): 2 to 3 tsf

Constrained modulus (slow initial loading): 10,000 to 40,000 psi

Young'o nodulus from resonant column test: 50,000 psi

Modulus from seismic dilatational velocity: 160,000 psi

The cne-dimensional compression tests were relatively crude, and some jug-

gling of the results was necessary to come up with a value for constrained

modulus. The range of values above indiLcates the spread of the results ob-

tained by applying different corrections to the data. If Poisson's ratio

is taken to be 0.35, the Young's modulus from the vibration tests would

correspond to a constrained modulus of 80,000 psi. Incidentall.y laboratory

determinations indicated that the soil was nearly saturated, and possibly
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fully saturated. At that time, the hydrostatic compression test had not

yet been developed as a means for testing for complete saturation, and it

was necessary to make the conservative assumption that saturation was not

complete.

The question, then, was whether the constrained modulus under blast

loading conditions would be more like the 10,000 to 40,000 psi indicated by

laboratory compression tests, or the 80,000 to 160,000 psi suggested by the

measurements involving small stress increments. The standard penetration

results and the shear strength values were suggestive of a soil-like mate-

rial. Moreover, in all of the rather extensive literature ccncerning this

deposit, geologists described the material as uncemented, poorly consoli-

dated, etc. Boreholes, if uncased, suffered from sloughing or squeezing.

These various observations suggested that this earth material would

tend to compress significantly under the large stresses imposed by blast

loadings. Hence a constrained modulus of 40,000 psi was selected for this

material.

Site involving sandstones and shales: These materials were formed by

outwash from nearby mountains, and there never had been more overburden

than there is at the present. However, the geologists' reports spoke of

these materials as being cemented and well consolidated. The fol2owing

data w-ere obtained for the material at the 100-ft depth.

Standard penetration resistance: 200 blows/ft

Shear strength (unconfined and unconsoli dated-undrained tests):
10 to 40 tsf

Constrained modulus (slow initial loading): 30,000 to 200,000 psi

Modulus from seismic dilatational velocity: 1,000,000 psi!*
Again the one-dimensional compression tests were crude, and the results

subject to interpretation.

There vas every reason to feel that the appropriate constrained modl-

lus for this material would be much higher than that of the clayey-silty

material described in the preceding example, and would indeed approach

1,000,000 psi. A modulus of 300,000 psi was actually selected. This value
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was probably conservative, but nonetheless led to predicted ground motions

which could be tolerated economically. Subsequent experience has indicated

that the constrained modulus of the material is at least 400,000 psi.

Weakly cemented sandstone: This material, which would readily crumble

in one's hand, was likewise formed as an outwash deposit and has never been

preloaded by since-eroded material. Careful one-dimensional compression

tests, using very rapid loadings, were performed. The data obtained are as

follows.

Constrained modulus (rapid initial loading): 83,000 psi

Constrained modulus (rapid reloading): 93,000 psi

Constrained modulus (slow reloading): 65,000 psi

Modulus from seismic dilatational velocity: 640,000 psi

The writer reco~mnended a value of 80,000 psi for this material, but now be-

lieves that 100,000 psi would be a more realistic value.

4.5 EVALUATION OF OTHER PtRAf:fvTRS

For some calculations, especially for purposes of research into the

attenuation of stress with depth, it is necessary to make quantitative

estimates for the ratio of elastic to total strain in an irreversible model

for -l or of time constants in a viscoelastic model of soil. An initial

discussion of methods fo±c evaluating such parameters appears in Report 17

and in Whitman (1963), and a more detailed discussion has been given by

Seaman (1966). Some typical values of various parameters are:

Ratio of modulus for unloading to modulus for loading: 1.3 to 3

Ratio of imaginary to real parts of complex modulus: 0.1 to 0.4

Ratio of MO to MI in standard three-element viscoelastic
model (see fig. 2.41): 1 to 4

Time constant 1/M 0  in standard three-element viscoelastic model:
10 to 30 msec up to 1/4 or 1/2 sec, depending on the rise time
of interestVI

Results such as these are satisfactory for calculations aimed at
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establishing the general importance of irreversible or time-dependent

effects, but clearly much more research is needed concerning the magnitude

of these parameters. Some additional data are provided by Kondner and Ho

(164).

4.6 SUWMARY AND RECOMENODATIONS

4.6.1 Summary of Results.

(a) Reasonably simple test apparatus and procedures have bce.1 devel-

oped for studying one-dimensional compressibility during blast

loading conditions.

(b) The many factors affecting the one-dimensional compressibility of

soil have been identified.

(c) In one-uimensional compression, soil has an S-shaped stress-

strain curve, with yielding behavior at small stress increments

and stiffening behavior for large stress increments. For stress

increments in the range of 100 to 500 psi, the secant modulus

generally in less than the modulus corresponding ti seismic level

dilatational wave velocity.

(d) Only a portion of the strain which occurs during loading is re-

covered upon unloading, and hence energy is lost during a cycle

of loading and unloading.

(e) Stress-strain properties are somewhat time-dependent. A loading

with approximately the correct rise time must be used when meas-

uring effective modulus.

(f) For soils iith a modulus below 10,000 or possibly 20,000 psi, the

effective modulus under blast loading conditions can be measured

in oedometer tests on undisturbed samples.

(g) For stiffer soils, laboratory measurement of modulus is more

difficult and considerable care must be taken to minimize sample

disturbance. Such disturbance generally leads to moduli that are

too low, and considerable judgment must be exercised in choosing

a value of modulus for use in calculations. The modulus from the

second or third cycle of loading is a particularly useful guide.

4.6.2 Present Status of Work. A great deal is now known concerning
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wave propagation tnrough soil. In sands, inelastic effects are qwute im-

portant, but time-dependent effects can be largely ignored provided that

the stress-strain relation is obtained from a test in which loading and

unloading take place in 30 msec or less. In cohesive soils, time-dependent

effects may be important during loadings with durations less than 30 msec.

A really satisfactory description of the time effects in cohesive soils is

still lacking.

For the more compressible soilr, it appears that a laboratory dynamic
compression test using repeated loadings provides a satisfactory measure of

in situ dynamic compressibility. However, for the stiffer earth material.

(those approaching the consistency of soft rocks) there are no field data

concerning in situ compressibility and hence no basis for judging the re-

liability of the results of laboratory tests.

4.6.3 Suggestions for Future Research. The most pressing need is for

field tests to evaluate in situ dynamic compressibility. Indeed, addi-
tional laboratory research will. tend to 'be meaningless unless such field

tests are performed.

On the basic research front, there is need for more adequate study of

time-dependent effects during one-dimensional compression, using stress

changes as large as several hundred psi.
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CHAPTER 5 PROPAGATION VELOCITY FOR STRESS WAVES OF LOW INTENSITY

5.1 INTRODUCTION

Messurement of in situ wave velocities at seismic stress intensities

(low) offers the easiest and most economical method for investigating the

characteristics of a large construction site. By observing the variation

of seismic velocity with depth, these measurements can be used to establish

qualitative features of a site, such as the depth to the water table or the

depth to rock. To the extent that the magnitude of the measured velocity

can be related to the stiffness of the soil at the stress level of inter-

est, such measurements can be used quantitatively as a basis for predicting

the settlement of structures or the response of structures to dynamic

loadings.

The methods which are commonly used for measuring wave velocities in

situ usually involve stress waves of low intensity. That is, once away

from the immediate source of the wave, the stresses caused by passage of

the wave are 1 psi or less--usually much less. Since soil is a very non-

linear material, the velocity of a low-intensity wave will directly indi-

cate only the stiffness of the soil for small stress changes from the ini-

tial in situ state of stress. This velocity will tend to overestimate the

stiffness for larger stress changes, as has been discussed in Chapter 4.

The velocity of lor-intensity waves may have direct quantitative use for

problems such as foundation vibrations and the ground motions caused by

earthquakes. However, the velocity of low-intensity waves can only be of

indirect value for problems such as the propagation of blast waves and

ordinary static settlements.

This chapter discusses the various factors which influence the magni-

tude of wave velocities through soil, and describes the laboratory proce-

dures and devices which have been used to investigate the influence of

these factors. The laboratory techniques have some practical value as

well. The metLods for measuring shear wave velocity in situ are still ex-

pensive and not entirely foolproof, so that sometimes it may be more con-

venient to make laboratory measurements of shear wave velocity. Check

tests in the field generally will be desirable, however.
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5.1.1 Relation Between Wave Velocity and Modulus. Elastic theory

provides the following relation between modulus and the velocity of wave

propagation:

h is (5.1)
I ~where .

is the wave velocity, in units such as feet per second

M is the modulus, the ratio of stress to strain for the particular

type of deformation involved in the wave, in units such as pounds
per square foot

p is the mass density equal to the unit weight divided by the accel-
eration of gravity, in units such as pound-seconds 2 /feet

2 ,h4
For many soils, p has a value of about 3.5 it-sec /ft . Thus a modulus of

25,000 psi (3,600,000 psf or 1800 tsf) corresponds to a wave velocity of

about 1000 fps. This is a useful relation to remember, since other combi-

nations of velocity and modulus can readily be obtained by recalling that

velocity varies as the square root of the modulus.

5.1.2 Types of Waves. There are a number of different types of

waves, each corresponding to a different type of motion or deformation and

each having its own wave velocity. Fig. 5.1 shows the waves which will be

DILATATIONAL SHEAR ROD

"P-WAVES" "S-WAVES "L-WAVES"

ORIGINAL
SHAPE -

I . . .' "

D/RECT/ON DISTORTED --
OF WAVE SHAPE

PROPAGATION

NO LATERAL NO VOLUME NO CHANGE IN

STRAIN CHANGE LATERAL STRESS

PLANE WAVE SHEAR WAVE THROUGH AXIAL WAVE IN
THROUGH INFINITE INFINITE BODY; TRIAXIAL SPECIMEN

BODY TORSIONAL WAVE

ALONG ROC

Fig. 5.1 One-dimensional waves
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of the greatest concern in this chapter.

Dilatational and shear waves appear in the classical -1,r -ry of elas-

ticity. Both of these wave forms occur at a plane wave front moving

through an infinite elastic body. A dilatational wave involves motions

perpendicular to the wave front, while a shear wave involves motions paral-

lel to the wave front. The strain conditions associated with tne dilata-

tional wave also occur at the very front of a wave spreacling out from a

point within an infinite medium (i.e. a spherical wave front), but behind

the wave front the strain conditions are more complicated than those of the

classical dilatational wave.

A rod wave is a special form of compression wave which appears only

for a particular boundary condition. Unlike a dilatational wave, a rod

wave does involve strains in the direction transverse to the wave front.

A rod wave appears only in laboratory tests which are the dynamic counter-

part of stat: c triaxial tests with constant confining stress.

There are special types of wave motion associated with any boundary of

an elastic body. For example, the free top surface of an elastic half-

space gives rise to several types of surface waves: waves which run along

this surface and which cause motions of the material down to certain depths

below the surface. Of these, the most important is the Rayleigh wave.

This wave, which involves simultaneous vertical and horizontal motions in a

vertical plane normal to the wave front, is formed by dilatational and

shear waves interacting with a free surface.

These various types of waves will develop in any type of mater'ial. In

an elastic material, there are definite relations between the propagation

velocities of the four waves.

The propagation velocities of. dilatational, shear, and rod waves can

be obtained usiig Equation 5.1 together with the modulus appropriate to the

type of deformation involved in the wave:

Constrained modulus for dilatational wave velocity CD

Shear modulus for shear wave velocity Cs

Young's modulus for rod wave velocity CL
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Each of these velocities
can be expressed in terms SHEAR VELOCITY: Cp,21+)

of either the shear mod-

ulus G or Young's mod- ROD VELOCITY: CL = 2(1 +A)

ulus E , together with

Pisnsratio ~i*G 21-s I-
Poisson's ratio " DILATATIONAL VELOCITY: C -- i - 2___-__(

These various equations d.

are given in fig. 5.2. Fig. 5.2 Equations for elastic wave velocities

There is no simple equation for

the velocity of Rayleigh maves; the
4-

velocity of these waves comes from

the solution of a transcendental

equation.
Fig. 5.3 gives values of the

P-0WE..0t

dilatational, rod, and Rayleigh wave

S wArt-E velocities in ratio to the shear

wave velocity, for the full range of

RAYLE1OH "A Evalues of Poisson's ratio applicable
08' 0.1 0. 0.3 0.4 0.5 to an elastic material. Note that

POISSON'S RATIO U the difference between the shear and

Fig. 5.3 Relation between elasticwave eloctiesRayleigh wave velocities is quite
'wave velocities

small, especially for p 2 0.25

Note also that the ratio of dilatational to shear wave velocities becomes

infinitely large as 4 approaches 0.5.

5.2 TESTS FOR MEASURING WAVE VELOCITIES IN THE LABORATORY

5.2.1 Resonant Column Test. The oldest and most common technique for

measuring wave velocities through soil in the laboratory is to vary the

frequency with which forces are applied to a cylindrical specimen of soil

until a resonance condition is obtained. The desired velocity is then cal-

culated from a relation between velocity, length of the specimen, and fre-

qlency at resonance. The theory used to interpret the results of such

tests has been described by Lee (1963) and by Hardin (1965). This method
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has been used by Wilson and Dietrich (1960), Hardin and Richart (1963), and

Stevens (196oa). Drnevich et al. (1966) describe a version of the test

using hollow cylindrical specimens; this version is useful for studying the

effect of strain upon the observed results.

The method is very versatile. By applying longitudinal forces to the

cylindrical specimen, the rod velocity can be measured. Shear wave veloci-

ties can be measured by applying torsional moments. The effects of confin-

ing stress and amplitude of motion cn wave velocity can be studied. By ex-

citing a series of higher order resonances, the relation between wave ve-

locity and frequency can be established. This test also permits study of

the damping properties of soils.

5.2.2 Pulse Technique. An alternate technique for measuring wave

velocity through soil has been developed at MIT as part of the present con-

tract. This technique is based on a method which the writer first observed

at the Shell Research and Development Laboratories in Houston, Texas.

Measurement of dilatational wave velocity: Figs. 5.4 and 5.5 show the

essential features of the apparatus
APPLIED

LOAD as initially developed at MIT (see

-.-- PULSEIN Reports 8 and 14).

An electric pulse is sent to a
.-umNum PIS ON piezoelectric crysta2 placed at one

end of a specimen of soil. This
L UCITE FACING
-ARIU4 7TIANAr- electric pulse causes the crystal to

SSENDING TRANSDUCER
eSAMPLe suddenly change in thickness, thus

is sHELay rUBIN, J"DIA generating a mechanical wave within
-Ut rRA SONIC WAVES

BARI -UMTANCAVE the soil. This wave passes throughS~BARIUM Tr TANA TE

RECEIVINGCRYSTAL the soil until it encounters a sec-

ond crystal placed on the other Pnd
ALUMINUM PISTON

of the specimen. The arriving wave

I causes stresses withir this second
• .. ,,--RECEIVED PULSE

ro oscILoscopE crystal, and thus a new electric

signal is generated. The wave ye-

Fig. 5.4 Soil container and crystals locity is determined by measuring
for pulse test the time laose (travel time) between
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(Trigger) (Pulse out)

Timne PusSource Generator

Soýurce

(1000 V.O.C.)

(Trigger) Power M7
Supply

Upper 0- 4
Lower a0 (Received Pulse)

[ Oscilloscope

Fig. 5.5 Circuit diagram for pulse test apparatus

the start of the original and received electric signals, and dividing this

time lapse into the thickness of the specimen.

The input electrical signal involves two or three cycles of voltage

with a frequency of about 1 megacycle. The wave resulting from the elec-

tric signal passes back and forth through the specimen and dies out within

about 1 or 2 msec. The input electric signal is repeated 50 times per

second; i.e. every 20 msec. Thus there really is a succession of waves,

each an independent event. By displaying the received signal on the screen

of an oscilloscopc, a standing wave form is obtained from which the travel

time can be measured. Fig. 5.6 shows a typical result.

In the original version of the MIT device, the soil was confined by a

•.etal jacket. When undisturbed samples were being tested, the soil was

simply left in the sampling tube. Axial stresses were applied by means of

a hydraulic jack so as to simulate the effects of overburden. More re-

cently (see Report 24) the specimen has been placed within a triaxial cell,

using a pedestal and top cap containing the piezoelectric crystals.
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Vig. 5.( .!•.ows tihis arrawrie-

ment; the tube appearinm_ in

che photograph contairns the

electrical lead- to t?.e top

cap.

IMeasurement r'7 s:.ear

wave velocity: in order to

measure shear wave velo'Jt,

twelve piezoelectric cr's-

tals are placed at eac!. ,A
T I M, E A T

I.,r. of a specLmen az sihowdn it

; " N OF FfIRST ARRIVAL V i 3. :esc crystals

have been manufactured in
Fig. 5.(• Pl,.otograph of oscilloscope screen
showing arrival of dilatational wave. This

photograph shows output of receiving crys- undergo a shear distortion

tal versus time. The trace sweeps from left when subjected to a sudden
to right

electric signal. The twelve sending

crystals are all simultaneously sub-

jected to such a signal and thus im-

part a twist to the specimen. The

re'erse pror'eduire causes the twelve

re:.eiving cry-tals to generate an

electric signal when the mechanical

wave through the soil reaches them. , ,NICA1

Fig. 5.9 shows a typical rezeived

signal. Report 23 describes the de-

velopment of tnis apparatus.

This type of test is carried out

within a triaxial cell similar to

that shown in fig. 5.7.

i'ig. '.7 Triaxial cell for velocity
mearmtrements by pulse technique
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Fig. 5.8 End cap with radial
crystals for sending and re-

ceiving shear wave

Fig. 5.9 Photograph of oscilloscope
screen showing arrival of shear wave
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Interpretation of received signals There are two main difficulties in

the interpretation of tre results of a pulse test.

First, the wave patterns within the soil specimen are very complex.

The wave spreads out from the sending crystal, and reflects off the sides

of the specimen as well as the far end of the specimen. Some energy may

reach the receiving crystal by traveling through a metal jacket if such a

jacket is used to confine the specimen. It is necessary to establish test

conditions such that the first detectable arrival at the receiving crystal

will be a wave running directly along the axis of the specimen.

Second, there is always some ambiguity as to the time of the first

arrival of energy at the receiving crystals. The received wave form seldom

has a sharp front, and often there is an arrival of small amplitude prior

to the first obviously noticeable arrival.

These difficulties have an important bearing on the permissible size

of test specimens and on the way in which the specimens should be confined.

There are two reasons why the specimen must not be too long. (a) The

energy in the initial dilatational wave front decreases with distance, and

if the sample is too long this first arrival may cease to be detectable.

(b) If the specimen is too long, a wave traveling at a higher velocity but

throigh a roundabout path (as through a metal jacket) may arrive at the

receiving crystal before the wave passing only through the soil.

There are also two reasons why the specimen rmst not be too short.

(a) The time of the first arrival at the receiving crystal can seldom be

pinpointed precisely. If the specimen is very short so that the travel

time is very small, the potential error in measuring the travel time will

be a large fraction of the travel time. The potential percentage error de-

creases as the specimen thickness increases. (b) Because soil is composed

of many individual particles, a high-frequency wave is dispersed as it

travels through soil. This dispersion causes certain difficulties in the

interpretation of the received signal and in selecting a meaningful arrival

time. These difficulties, which are discussed in detail in Report 25, de-

crease in importance as the thickness of the specimen increases. For grCn-

ular soils, the thickness should be at least 200 times the diameter of the

most typical particle.
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For tests in which confinement is provided by a metal cylinder (fig.
5.4), the optinrmun specimen length has proved to be 2 in. For tests con-

ducted within a triaxial cell (fig. 5.7), lengths up to 4 in. have been

used succesr"ully provided that gas and not liquid is used for the chamber

fluid. (Stress waves propagating through a liquid surrounding a long

specimen may reach the receiving crystal first.)

These procedures will still letave some ambiguity as to the exact time

of the first arrival at the receiving crystal. At the present time, the

experimental error arising from these problems can be held to +5%.

Advantages and disadvantages of the pulse technique: Aside from the

standard electronic units (oN illator and oscilloscopes), the apparatus

needed for the pulse test consists only of the two end caps containing pie-

zoelectric crystals. Tests can be conducted within ordinary triaxial cells

after only a mirnimum of modification. The pulse test is the one laboratory

test that gives directly the dilatational wave velocity, which is the type

of velocity most commonly measured in situ.

The pulse test is not adaptable for study of the influence of stress

increment and frequency on wave velocity, and is not suitable for studying

the type of damping which is usually of interest to civil engineers.

Further work is necessary to improve the operational reliability of the

test apparatus.

5.2.3 Other Tests. Whereas the tests described in section 5.2.1 em-

ployed forced vibrations, Zeevaert (1967) and others have determined shear

wave velocity in the laboratory using free vibrations.

A large mass is placed on a cylindrical specimen of soil. This cre-

ates a single-degree-of-freedom system, with the stiffness provided by the

soil and the inertia provided by the mass. The mass is given an initial

rotation and released. The shear modulus (and thence velocity) of tne soi2

is computed from the observed period of the resulting free vibrations,

using the formula. for the natural period of a single-degree-of-freedom

system. The mass is supported in part by a counterweight, so that the mass

does nut induce large static stresses in the soil. The specimen can be

placed within a triaxial cell.

This is the simplest of all the tests thet can be used to determine
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shear wave velocity, but the results obtained with it still appear to be

somewhat crude.

5.3 WAVE~ VELOCITIES THROUGH DRY GRANULAR SOILS

With dry soils, the three types of waves fournd in laboratory tests

(dilatational, rod, and shear) are ali transmitted via the same basic mech-

anism and all are affected

similarly by the many factors

which influence the magnitude

J of velocity. A typical coa-

RM - parison is shown -...n fig. 5.10.

N (..e that the relative magni-
-SEA I

I I tudes follow the trend pre-
31

dicted by elastic theory:
t0' VETS T.ASSADCET 20 -30 OTTAWA SIANO

* LI "' 0ýI C > C > Cs More will be
100'ijil I I I I _1 L0

EFFECTIVE CONFINING STOSS PSI said about the relative magni-

Fig. 5.10 Comparison of dilatational, tdsi h eto eln
rod, and shear wave velocities in a with Poisson's ratio.

dry sand The following sections

discuss the various factors which influence the magnitude of velocity.

Since the same trends appear for all velocities, the best available data

w1:2. be selected to illustrate these trends.

5 .3.1 Effect of Confin- IO

ing Stress. Fig. 5.1.1 shows a

typical set of data. When -

plotted on log-log paper, the

relation between velocity and >

confining stress is almost a

stra-ight line, but tends to be o

somewhat concave downward. If

this relation were straight, to -I 1.IIII
EFFECTIVE CONFINING STRESS, PSI

it would mean that velocity
in Fig. 5.11 Rod wave velocity through dry

vares s r' .Typcaly, sand as a fu-nction of confining stress
for many different granular (from Hardin and Richart, 1963)



soils, the exponent m is close to 0.25, ranging from about 0.2 to about

0.5. The smallest exponents occur for the densest soils and higher con-

fining stresses.

There are two explanations for the effect of confining stress. The

first explanation concerns the way in which deformationx occur within a

given arrangement of particles. The second explanation involves the way in

which particle arrangements are changed by increasing confining stress.

Behavior of a fixed arrangement: Within a given arrangement of par-

ticles, a small increment of stress causes distortion of the particles near

their contact points with other N

particles. The theory for the in-

teraction between elastic spheres

can be used to examine this be-

havior: see Deresiewicz (1958).

Fig. 5.12 shows the effect of 2R

a normal force between spheres.

The increment of force d&N re-

sulting irom an increment of move- /

ment da is found to be propor-

tional to , Thus as N in-

creases, the stiffness dN/da in- N

creases. The normal contact force a. TWO SPHERES IN CONTACT b. TWO SPHERES IN MUTUAL
UNDER ZERO FORCE COMPRESSION UNDER NORMAL

N can be related to the all- FORCE, "N"

around confining stress a0 , and Fig. 5.12 Deformation of elastic

the movement a zan be related to spheres by contact forces

strain. In this way, it is found that the ratio of stress to strain during

a small Increment of stress, i.e. the tangent modulus, should vary as
3 Assuming that the wavelength is very great compared with the size

of individual particles, and using Equation 5.1, this leads to the predic-
0.167

tion that velocity should vary as 0
0

The complete equation relating velocity and confining stress also in-

volves the elastic properties of the individual spheres a- . the ,ay in

which the spheres are packed together. However, the velocity ij predicted

to be independent of particle size. For an accurate analysis, !+ also is
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.3 2•.0 necessary to consider the tangential
X C " forces which occur at contact pointe.

X - aAD 1.5;9;§
UFig. 5.13 shows the predicted rod

, - •I velocity through densely packed
a HIGH TOLERANCE BALLS 0.1

£LOW TOLERANCE BALLS 0.6
@._ _ steel spheres. These velocities are

INITIAL PRESSURE, PSI much less than the wave velocity
FACE-CENTERED CUBIC ARRAY

THEORY INCLUDING STiFFNESS TO TANGENTIAL FORCS through solid steel. The time for a
b. THEORY NEGLECTING STIFNESS TO TANGENTIAL FORCES

Fig. 5.13 Predicted and actual wave to travel across a particle is

rod velocities through dense much less than the time needed to
array of steel balls (from develop the distortions near the
Duffy and Mindlin, 1957)

contact point.

Relative movement between particles: The foregoing analysis presumes

an ideal arrangement of perfectly spherical particles, with each particle

in contact with each of its neighbors and with exactly the same force at

each contact. Of course these conditions do not exist within actual soils,

and cennot even be realized in packings of steel balls.

The data in fig. 5.13 show that the velocity increases more rapidly
0.167

than , especially for small confining stresses. Even with balls

made to strict tolerance requirements, the initial packing cannot be per-

fect. The forces are not the same at all contacts, and perhaps contact is

not actually made between some neighboring spheres. As a increases, the

spheres are brought into better and more uniform contact, and the experi-

mental results come into beti~er agreement with thi theory. The disagree-

ment with theory is increased '..en balls rde to -ess strict tolerance are

used, and the disagreement naturally becomes more severe for soils. None-

theless, the theory gives remarkably good estimates for the approximate

magnitude of the velocities of low-intensity stress waves measured in soils

for confining stresses of 100 to 200 psi: see NUCLEAR GEOPLOSICS.

Wave velocity as a Thnction of depth: Because of increased confining

stress with depth, the wave veToh4+y tnrough homogeneous natural ground

should increase with depth, approximately as:

velocity - (depth) 0 ' 2 5  (5.2)

1S8



It is possible to predict the actual variation with depth from the results I
of laboratory tests at various confining stresses.

The foregoing results were obtained using a confining stress which was

the same in all directions; i.e. the three principal stresses a1 , G2

and 03 were equal. In natural ground, however, ti-e principal stresses

seldom are equal. The vertical stress nv at any depth may be from one-

half to twice the horizontal stresses, depending ur,•a past geologic proc-

esses. Thus conditions may range from 0v = 1= 3a12 to av =a

3(,/5 ,-where o° is the average principal stress; i.e.

0 + C2 + 0,

3 2CT o(5.3)0 3"
Report 23 has investigated the magnitude of shear wave velocity during

triaxial compression tests with a1> 02 = 03 . It was found that velocity

was related to o at least so long as the shear stresses were less than

those at failure (see fig. 5.14). The same conclusion has been reached by'

40 _____ _____

NUMBERS ARE SHEAR WAVE
VULOCITY IN FT/SEC

"70

60

c50 1400o0

21535 IS0

I 40 0410 53- 130

15 01410 1510 1600 6160

30C41 1500 1610 1670

1390 1490 1 10 1670

20 1230 1360 1470 1610- 1660-

1200 1330 1440 1610 1660

10 1140 1300 430 1600 1630

100 280 1420 16S50 1 560

00I s0o 12 1412 142 A562
015Z

0 20 40 60 s0 100 120

aol7+172 + a3
3

Fig. 5.14 Influence of shear stress on shear wave velocity in
Ottawa. sand (from Report 23). For example, compare velocities
at same c, for: (a) test which started at 40 psi; and

(b) initial point of test starting at 60 psi
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Hardin and Black (1966). Stevens (1966a) and Barnes (1965) give still more

data which appear to confirm this conclusion. Earlier data by Shannon,

Yamane, and Dietrich (1960) suggested that velocity was dependent only on

a1 , but the more recent data just cited are more convincing. Actually, it

makes relatively little difference which rule is used to relate a to ve-

locity, since the ratio (a/aco)' varies only from 1.11 to 0.88.

5.3.2 Effect of Amplitude of Dynamic Stress. Because soil is such a

nonlinear material, the amplitude of the dynamic stress or strain in a wave

10,000 -has an influence on the wave

i i .velocity, even for stresses

-- or strains which can be con-
0 -- "- - sidereda as "very small."

CS

1000 III - This is shown in fig. 5.15.
-- .The curves are labeled with

athe mximum shear stress

CLNwithin the specimen, computedCORAL SAkND
"_/d = 95 3 Pcr

EFFECT .VE C NIN G from the measured motions
EFFECTIVE CONFINING STRESS, PSI using elastic theory. The

Fig. 5.15 Effect of amplitude of dynamic deviation between the several
stress on velocity curves of course is greatest

for small confining stresses, where the dynamic stresses beome a signifi-

cant fraction of the confining stresses.

Thi effect of amplitude has also been investigated by Hall and Richart

(1963).
5.3.3 Effect of Frequency. By exciting higher order resonances dur-

ing rescnant vibration tests, it is possible to investigate the effect of

frequency on wave velocity. Both Hardin (1965) and Stevens (1966b) have

found that velocity is independent of frequency for the range from 25 to

800 cps.

There is good evidence that the velocity through sands can be pre-

dicted using Equation 5.1 together with a modulus measured during static

repeated-loading tests involving small changes in stress. Some of this

evidence is given in fig. 5.16. See also Report 21 and NUCLEAR GEOPLOSICS.

5.3.4 Effect of Void Ratio. The effect of void ratio on velocity is
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Fig. 5.16 Young's modulus ver- - 0sus confining stress for quartz O
sand by various methods (from
Shannon, Yamane, and Dietrich, ] - -196o) Z STATIC "dODULUS OF ELASTICITY

a 40 O 0 LOAD-INCREASING
0 0 LOAD DECREASING

0 DYNAMIC MODULUS OF ELASTICITY

0 -i--
20 40 60 80 n00 120 140 160

MAJOR PRINCIPAL STRESS, PSI

illustrated in fig. 5.17. Increasing the void ratio has two effects:
(a) the density decreases, which should tend to increase the velocity; and
(b) the modulus decreases, ihich will tend to decrease velocity. The data
show that the decrease in modulus ot'tweighs the decrease in density.

S.8 For a given sand at a given con-
GRAIN SIZE By STANDARD SEv fining pressure, the change in veloc-

-N o . 2 0 , *O. 3 0
NO. soD- NO. 140 ity between the densest and loosest1. I - 74.0% hO.2O-NO.30

- £25.2% NO.6410- NO. 140sttisuulyony fth"" 00 2 - NO. 140, WELL GRADED state is usually only 2501 of the

velocity for medium density.

5.3.5 Effect of Particle Size,SoShape, and Gradation. According to
> 

-.
90 the data in fig. 5.17, the velocity

" 2000 for a given void ratio and confining
------- stress appears to be independent of

."- -8• these factors. These factors, of

• 50o • , course, influence the void ratio0.8

which a granular soil will achieve.
0. .4 08 0.8 0Results similar to those in
VOID RATIO

Fig. 5.17 Shear wave velocity fig. 5.17 have also been obtained for
versus void ratio for Ottawa sands with very angular particles.sand (from resonant vibrationtsand (fromareonant vibrartio The two sets of results are super-
tests by Hardin and Richart,

1963) imposed in fig. 5.18. As a first
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- o. • - ' -Fig. 5.18 Shear wave velocity

0 •, versus void ratio for quartz
-N% sand (from resonant vibration

4O.?- - _• "•-tests by Hardin arid Richart,
"O -• •1963)

0.3 0.5 0.7 0.9 1.L I .3
VOIO RATIO

approximation, it appears that particle size, shape, and gradation affect

velocity only through their effect upon void ratio. Fig. 5.18 can be used

to estimate the shear wave velocity for a wide range of granular soils.

5.3.6 Poisson's Ratio. By comparing the several wave velocities at a

given confining stress and void ratio, and assuming that the equations from

elastic theory apply (fig. 5.2), values of Poisson's ratio 4 can be de-

termined. However, relatively small changes in the measured values of ve-

locity can lead to large changes in 4 . Very erratic and misleading val-

ues of . can be obtained from tests in which the dynamic stresses are a

significant fraction of the confining stress. Resonant vibration tests

with large cunfining stresses also often give values of . which are dif-

ficult to believe.

In che majority of cases, values of p. between 0.3 and 0.4 have been

obtained by this procedure, and 0.35 is recommended for use with granular

soils. Thus rod and dilatetional velocities will be about 1.65 and 2.1,

respectively, times the shear velocity.

5.3.7 Behavior with Small Porosity. Wyllie et al. (1958) have sug-

gested the following rule for the dilatational velocity CD through porous

rock

1 n + 1-n
SCv 

(4m

CD

172



where

n = porosity

dv = dilatational velocity through pore fluid, in this case air (for

air, Cv = Ca)

CD dilatational velocity through mineral

SThis rule is based on the concept that a ware passes straight throughI
f porous rock, partly through solid mineral, and partly through void space,

and that behavior at contact points between .inerals is of no consequence.

Alternatively, this equation might be :.ased on the concept that the wave-

travels at dilatational velceity along a tortuous path whose length deoends

on the porosity. Since the actual travel distance is thus greater than +.he

apparent distance, the apparent velocity is les6 than the dilatational ve-

locity thro-gh solid mineral. Wyllie et al. found good agreement between

velocities measured in porous rocks using a pulse technique and velocities

predicted by this rule, provided that very large conf• iiiig stresses (on the

order of 10,000 psi) were used.F This same rule might be expected to apply to granular soils of low

porosity (say n < 0.2); i.e. to very well graded soils, especially those

with a large content of cobbles and boulders. Dobry (1962) found that the

in situ dilatational velocity of the surface gravels near Santiago, Chile,

is very much influenced by the presence of large particles. Typical veloc-

ities above the water table were 2600 to 3000 fps, but occasionally values
went as high as 4000 to 4500 fps.

For conditions where this mechanism of propagation is valid, there

will not necessarily be any simple relation between shear and dilatational

velocities. Brandt (1955) and Viksne et al. (1961) have also made studies
of sands with very small porosity and cemented sands.

5.4 SHEAR AND ROD VELOCITIES THROUGH SOILS WITH WATER

When the degree of saturation exceeds about 50%, there starts to bc a

great difference in the mechanisms by which shear and dilatational waves

are transmitted through soil. Dilatational waves result from volume

changes, and pore wster resists volume change. On the other hand, pore

water doec not provide any resistance to shear distortions. S4ince shear
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stresses are alwa present with :od waves, the beha-ior of rod and shear

warps is essentially the same.

Th.s section will consiler shear and rod waves through saturated and

partially saturated soils. Dilatational waves thxougn soils containing

water will te discussed in subsequent sections.

5.4.1 Role of Total and Effective Stress. Pulse tests at the Shell

Research and Development Laborat'ry have demonstrated that the shear wave

velocity through a sand depends only u-on the effective confining stress.

If the total stress acting n. a saturated specimern is changed but the spec-

inen. is not permitted to drain, the shear wave velocity remains unchanged.

Report 23 reports identical results in the c&se of clays. Presumably the

same is true regarding rod wave velocity-.

5 .'.2 Effective Mass of Pore Fluid. Suppose that two specimeris, one
dry and the other f"l-- saturated, nw-e exactfl;" the same shear modulus and

dry unit weight. If the pore fluid moves as a shear wave passes through a

specimen, the saturated specimen should have a smaller wave velocity than

the bry specimen. That is, the vLlue of o in Equation 5.1 will be in-

creased by the presence of pore water.

For example, if the void ratio of a soil is 0.7 and the specific grav-

ity is 2.7, the saturated total unit weight is 1.26 times the dry unit

weight. The wave velocity through the saturated soil should be 0.89 of

that through the dry soil.

It is not obvious that all of the pore fluid will be able to move with

the mineral skeleton. That is, only part of the pore fluid may be "effec-

tive" in slowing down the wave. Thus the effective mass density of a sat-

urated soil might be expressed as:

s w
p= + np = p [( 1 - n)G + On] (5.5)

where
w = density of skeleton, proportional to the dry unit weight

S= a factor between 0 and 1

n = porosity

ww mass density of water
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G = specific gravity of mineral

The choice of a sudtable value for 0 is of scn minor concern vhen cort-

verting from m• ulus to wave velocity and vice versa.
Theory. for Pffective mas: There are two interactions between the

mineral skeleton and pore water.

First, own to the viscosity of water, shear stresees will develop at !

mineral-water Interfaces. A simplified version of this situation is shown

in fig. 5.19a. If the water-filled my

tube is accelerated, viscous boundery

layer forces -All tend to drag the I
water with tne tube. With very -
accelerations , the viscous forces will WATER MOVES b.LATETIS

OF VLJCDWO Ir•M ALONG WITH

be sufficient to make the water move §ETEN V OU3 L UEM N

almost as though it were rigidly AM WATER

joined to the tube. Hence the water Fig. 5.19 Factors which in-
fluence magnitude of effec-is strongly coupled tc the tube, and tive m~s

all of the mass of the water is effec-

tive in resisting acceleration of the tube. As the magnitude of the accel-

eration increases, the viscous forces no longer are able to make all of the

water move with the tube. The water near the valls will still move with

the tube, but the water near the center line will lag. Thus 0 decreases.

With very rapid accelerations, the water will remain stationary as the tube

moves past it, and 0 = 0

The second interaction arises because individual flow channels within

the mineral skeleton generally are not aligned with the direction of motion

of the skeleton (fig. 5.19b). In such a case, the water must move when the

skeleton moves, even though viscous stresses are absent. If the mineral

skeleton is given a very large acceleration, the water within the flow

channel will accelerate with it and thus will add to the inertia of the

system. The amount of inertia added by the water is a function of the

degree of misaligrnent. Normal stresses at the mineral-water interfaces

will give the pressure gradients necessary to accomplish the acceleration.

With smaller accelerations, the water will, in the absence of viscous
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shear, tend to escape from the tube. T-hus 13 -4ili tend to decrease vwtit

decreasing acceleration.

The viscous effect thus predominaites at low frequencies, and tends to

make P = 1 . The misalignment effect predominates at high Zrequer.cie3,

and terns to mahe P less than unity. Thus, 0 decreases (and hence the

"7elocity increases for a given modulus) with increasing frequency. Whether

a 4EYemiency is ig or "low" depends primarily upon the viscosity of the

pore fluid and the size of the flow channels. Presumbly viscous effects

strongly predominate in clay-, Iut are of smal importance for a coarse

sand.

Biot (1956) has developed a theory which takes these two effects into

account for the case of a oorous-elastic material. Hall (1062) has applied

this theory to satalted sands. Although the theory gives great insight

into the interactions between the mineral and pore phases, the numerical

res-lts are not in particularly good agreement with actual experimental

results.

Data regarding effective

30-30 OTTAWA SAND -e=0O.S4 mass: "Fig. 5.20 summarizes
go 14.4 PSi

data concerning the effect of
SHEAR VELOCITY. FPS pore water on the wave veloc-

CONDITION PREDICTED OBSERVED

ity through a coarse sand. If
DRY it is assumed that the shear

MOIST (w 2%) 850 modulus remains unchanged as

SATURATED (w 20%) 785 a8o water is added to the speci-

Fig. 5.20 Effect of mass of pore water on men, the wave velocities for
shear wave velocity through sand (data the moist and saturated con-
from resonant vibration tests by Hardin

and Richart, 1963) ditions can be predicted from

the velocity when dry. The

observed change in velocity as a result of saturating the soil was dis-

tinctly less than the predicted value, indicating that only a part of the

pore water contributed to the effective density of the soil. From a study

of such data, Hall (1962) concluded that in sands 0 is approximately 1/3.

It is more difficult to determine experimentally the effective mass

in the case of silt or clay, since it is difficult to be sure that the
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F
sear modulus is really te same for two specimens having different degrees

Sof saturation. Fig. 5.21 s shov results for comqacted :lay-sand mixtures.

1500

7d=83 PCF

h.

I- I
-I

> 1000

> loco

> LEGEND

"0 A 100% KAOLINITE
0 B 75% KAOLINITE + 25% SAND i

Ihiz C 50% KAOLINITE + 50% SAND
a 25% KAOLINITE + 75% SAND

500!_________

0 10 20 30 40
MOISTURE CONTENT, %

Fig. 5.21 Shear wave velocity for different degrees of saturation
(from pulse tests described in Report 24)

All snecimens were at the same dry density and were tested with the same

total confining stress. However, the effective stresses were unknown and

Possibly varied with the degree of saturation. The soil fabric (i.e. the

arrangement of particles) also may have varied with the degree of satura-

tion. But pernaps it is more than coincidence that the decreasing velocity

"with increasing saturation can be explained almost exactly by assuming that

modulus stays constant while the tctal donsity increases.

The following recommendations are made concerning the value of 6 to

be used for saturated soils in connection with Equation 5.1:

Soil Type

Sand 1/3

Coarse and medium silt 2/3

Fine silt and clay 1
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For partially saturated soils, p is obtained by usir; ps + VknP or
os + Snw , whichever is smaller.

5.4.3 Effects of Confining Stress and Void Ratio. Except for the

correction stemming from the mass of the pore water,- the influence of ef-

fective confining stress and void ratio on velocity through s&nd is the

same whether the sand is dry or saturated.

Until very recently, little has been known quantitatively concerning

the influence of effective confining stress and void ratio on rod and shear

velocities through silts and clays. In .- ny tests, the effective stresses

were not known because capillary tensions were present in the pore water to

an unknovn degree.

-3O DA.-TA FOR SRAL CLAYS Fig. 5.22 gives data frop'

,200 - . ATA'FOR SAMD early tests on several satu-
I N --- TREND 31 DATA FOr sAND,

I II NFERRED rBAc A* 1 cIIN rated clays. Data points for
110sa AND RIC'AT. 1963

I- I4-°sI I sand are also shown, and the" ~ ~ ~ ~ r 1 000 - • "

.trend for sand has beenS900
Soo- sketched based on the data in

o700 0 PI- fig. 5.18. (Since pulse tests
-•0 PSII give somewhat higher veloci-

1ooi .• ties than resonant vibration
0.3 0.4 0.5 0.0 0 .7 0809 1.0 .l 12 1.3 1.4 1.5

VOI RATIO tests, the lines for fig. 5.18

Fig. 5.22 Shear wave velocities through were adjusted upward to pass
saturated clays and sands (from pulse

tests described in Report 23)
fig. 5.22.) Taking into ac-

count the difference in the effective mass of the pore water, it appears

that clays have only slightly smaller velocities than sands for the same

effective confining stress and void ratio. Consider for example the data

for e = 0.54 and a = 40 psi. Using 0 = 1/3 for sand and B = 1 for0

clay, the velocity through clay should be 94% of that through sand if the

modulus is the same for both sand and clay. The observed relation is 79%o.

Recently, results for clays lhave been published by Hardin and Black
(1968) and Humphries and Wahls (1968). The results confirm that, except

for very plastic soils, the relation between shear velocity, effective con-

fining stress, and void ratio is much the same for clays as for sands.
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The relation for clays is affected by the phenomenon of secondary

cor.3olidation.

5 .4.4 Effect of Amplitude .f Dynamic Stress. The elfect of aMlitde

i.. essentially the same whether the soil is dry or wet.

5.4.5 Effect of Frequency. On the baris of tests by Stevens (1966b),

there appears to be little if any effect of frequency on shear and rod ve-

locities through saturated stands. although some minor effect might be

expected on theoretical grounds (see section 5.4.2).

As yet, relatively little is known concerning the effect of frequency |

on the wave velocity through clays. The scant evidence suggests that fre-

quency bas an effect which may be important in some cases. Table 5.1 com-

pares Young's modulus as measured during static repeated-load tests with

this modulus as calculated using Equation 5.1 and measured rod velocity.

Table 5.1

Rod and Shear Modulus Data for Saturated Clays

(from Wilson and Dietrich, 1960) 1
Modulus, psi x 10-3

Poisson 's
Clay s d d Ratio

Duwamish silt 5.5 5.7 1.86 0.53

8.35 12.3 3.82 0.61

Birch Bay clay Cfive samples with 11.9 10.811.0 15 2 4.9i .5

different properti-.s) •l1.7 15.2 0.54
13.7 16.5
18.2 23.6 8.10 0.46

( 2.88 2.91 0.90 0.62
Whidbey Island clay (four samples 5.10 5.73 1.82 0.57

with different properties) 9.50 8.70 2.88 0.50
14.65 16.9 5.45 0.42

* From static repeated loading.

- From resonant. vibration.

5.4.6 Poisson's Ratio. Theoretically 4 should be very nearly 0.5

for a saturated soil, since the pore water makes the resistance to volume

change much greater than the resistance to shear. Thus the rod velocity

should be 1.73 times the shear velocity.
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In the caae of saturated clays, values of 1 calculated from rod ard

shear v.locities usually scatter about 0.¶ (see table 5.1). With sands,

however, v :As been found to be much the same whether the sand is dry or

saturated. it .xa.-: well be that local volume changes can occur Within sat-

urated sand, o-ing to a high permeability, ever during tests with high

frequencies.

soI s 5.4.7 Velocity and Strength.

LEGEN A• For a saturated soil, both velocity

- I! and undrained strength are related to

T K the effective confining stress and
00 i-- *•• .- - void ratio before loading. Heinre, it

""O Ws%,Pc migh-,t be expe-ted that there would be
Sa relation between velocity and un-

,0 I 2 3 4 3 6 ? drained strength. Fig. 5.23 presents
COMPRESSIVE STRENGTH, geme it#,

some data. Many different soils do
Fig. 5.23 Relation of rod n=dulus fats
to u-ndrained compressive strength fall along a comon relation, but as

-in clays (from Wilson and'Dietrich, fig. 5.23 shows, there is at least one
1960) major class of exceptions, i.e. highly

plastic bentonitic clays.

5.5/ DITLATATIAL 'LC.T... T.!UOUGH SATURATED SOILS

Dilatational stress wnaves can propagate through water as well as

through the mineral skeleton. Moreover, the compressibility of water is

very small compared to the compressibility of the mineral skeleton of typi-
cal soils. To be specific, the bulk modiulus of water Bw (which varies

somewhat with the c.2ontent of dissolved impurities, especially dissolved

gases) is about 300,000 psi. This modulus corresponds to a wave velocity

of

Cw = oB= 4720 fps (5.6)

w

where ow is the mass density of water. This velocity is much greater

than the dilatational velocities through dry mineral skeletons. Thus it

would be expected that the presence of water will have a profound effect
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on the dilatational wave velocity through soils.

As usual, the following treatments assume that the wavelengths are

long compared to the size of individual particles, so that reflections and

refractions at the myriad mineral-water interfaces can be ignored.

5.5.1 Suspension of Soil in Water. As mineral particles are added to -

water so as to form a suspertion or slurry, two effects develop:

(a) The overall mass density of the system increases, since mineral

particles are heavier than the water they displace. The overall -

.mass density is given by Equation 5.5 with 0 = 1

(b) The overall compressibility is decreased, since mineral particles

are much less compressible than the water they displace. In

fact, since the bulk modulus for quartz is about 30 times that of

water, the mineral particles can be considered as incompressible.

Thus the effective compression of a suspension per unit of volume

is:

AC = n A (5.7)

where Z~u is the change of pressure in the suspension.

Applying the elastic formula for dilatational velocity to this suspension

then gives

CD 6w n[(l -n)Gl + n7 (5.8) .3,

• Cw .2 - /
The ratio of C/ is plot-

ted in fig. 5.24 versus (1 - n), ___.,__ ...

the portion of the total volume *-8roSIo 4o• FOR

which is occupied by mineral mat- 1.0 -_ .

ter. As soil particles are first
0 0 0.1 0.2 0.3 0.4 0.5 0.6 0.7

added, the velocity through the ONE MINUS POROSITY (I-n)

suspension drops below that L 2 I 41 3 2 C'S i0. 0.5
VOID RATIO 0

through pure water, since the in-
creased mass is more important Fig. 5.24 Wave velocity through soil

assuming no stress is carried by min-
than the decreased compressibility. eral skeleton
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As more soil particles are added, however, the decreased compressibility

becomes more important and the velocity through the suspension rises above

that of pure water. Results obtained using artificially prepared kaolin

Elurries (Urick, 1947) are shown in fig. 5.24. Equation 5.8 has been used

to good advantage to study wave velocities through ocean bottom sediments;

for example, see Report 4.

5.5.2 Effect of Mineral Skeleton. When the void ratio becomes less

t.an 3, the mineral particles will be in contact with each other so as to

form a mineral skeleton which can transmit stress.

The total stress involved in the wave will be carried jointly by the

pore water and nineral skeleton. If Ds is the constrained modulus of the

skeleton, AW/D' is the strain in the mineral skeleton where Au is in-

crement of effective stress. The strain in the pore water is Aun/Bw

where ,u is the increment of pore press-rne. These two strains must be

equal:

A = =-Lu a (5.9)
D s Bw

The increment of total stress is Ac Ac + Au . From this

•u = •w(5.101)

A Bw + nD

The strain can thus be expres, 3d as:

n Bwn
Znc n AG = n Ao(511

Bw Bw +nDs Bw + r As

And the effective constrained modulus is:

D = A. + Ds (5.12)
AE n

Combining this modulus with the effective density (equation 5.5) leads

finally to an equation for the effective wave velocity:*

P = 1 for the first term in Equation 5.13, but not necessarily in the
second term. Some of these assumptions concerning the effective mass
density can certainly be disputed.
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7= lfl[(i )G +------ 1 + i n (5.13)-F - n)G

where D= dilatational wave velocity through dry mineral skeleton, equal

to 7DS/os . Zqumtion 5.13 •s plotted in fig. 5.25 for a particular value
of porosity (void ratio) and 1,000o . .: :E i 1 -4

EFrtc r Or A"O •TICL F$- ._LN

an assumed relation between •I..

C and effective confining _

stress. The horizontal lines

show the velocitj through ,oo:00
4 

:C

water alone, and the velocity ..

as given by Equation 5.8. The -L2I I LILL

mineral skeleton influences 2 BASED ON DATA iOR.mineral seeoI OTTAWA SA)MD;

the effective wave velocity ,o52 =o,.E5 ,Ave
EFFEICTIVE CONFNI1NG STRESS, PSI -_,

only for the higher effective
confningstreses or wich Fig. 5.25 Calculated dilatational wave -"•i

confining stresses for whichveo.ytruhataedsiveloc'.ty" through saturated soi-l i • i(
5CD begins to approach and

then exc¢.xed C

,o,000o Fig. 5.26 shows actual

-A ,uRAT- data for the dilatational ye-

S- locity through a saturated
"> sand. The actual result is
W

0very similar to that calcu-

lated in the previous figure.z

E'20-30 OTTAWA SAND 5.5.3 Effect of Various

,u IParameters. There has been
,o0, ,o ,000 little study of the influence

EFFECTIVE CONFINING ST ESS PSI
of factors such as frequency

Fig. 5.26 Measured dilatational velocity
through dry and saturated sands (data and votd ratio on the dilata-
obtained by Shell Research and Develop- tional velocity through satu-

ment Laboratory using pulse technique) rated soils. The main point

of course is that this velocity is related only slightly to the character-

istics of the mineral skeleton. If a soil is saturated, meas .rement of
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dilatational velocity in situ is of limited use as a means for assessing
t~he co.pressibiity of the mineral skeleton. Laughton (195.7) and Shunway

(1958, 1960) have used dilatational velocities to study certain aspects of

the properties of ocean bottom sediments.

For very large effective stresses and for very smalU porosities, CD

will exceed Cw . Tncin the effective wave velocity will be controlled pri-
s V d

marily by the magnitude of 0 Equation 5.h (with C = and

C• = C3) applies to such situations.

5.6 DIIATATIOIAL VELOCITY T.?/ROUGH PARTIALLY SATURATE•• SOIS
The compressibility of the pore phase of a soil changes radically as

'he degree of saturation changes. With complete saturation, the pore phase

is much less compressible than the mineral skeleton. Since C' C > CS

dilatational waves propagate primarily through the pore phase. For low de-

grees of saturation, on the other hand, the pore prase is much more corn-

pressible than the mineral skeleton. Now CV = Ca < Cs , and dilatational
D

waves propagate prirmarily through the mineral skeleton.

In the latter case (S << 1), the dilatational wave velocity is indica-

tive of the stiffness of the mineral skeleton. .However,-when S - 1 , the

dilatational wave velocity gires a relatively poor indication of the stiff-

ness of the mineral skeleton. Thius, if dilatational wave velocities are to

give useful information concerning the stiffness of the mineral skeleton,

the degree of saturation nrast be less than some value. It is of consider-

able practical interest to determine this threshold value; possible means

are discussed in the following section.

5.6.1 A Possible Mathematical Model. A possible, approximate expres-

sion for th3 compressive strain in the pore phase is:

A = n L+ I -- S Au (5.1h)ui

where u. = the initial pressure in the gaseous phase. The zecond term in

parentheses comes from Boyle's law, assuming that the change in pressure is
small compared to u.

1
Combining the above expression with that for the strain in the



mineral skeleton (section 5.5.2) leads to:

1+ l )(5.15)
/o 1 + DsnS + -Dn i-S

Bw u.

Combining the two previous expressions gives the effective modulus

D1 (5.16)IID .[ D = ~n( Sw +-- -1i - S" 5.6

Finglly we obtain an expression for the effective wave velocity:*

ýw u. s1 D

= w (5.17)
w [(1- n)G + Sn]

if u << and S< <.999, this simplifies to:

U.n D1
CD w (5... 18) •

"- n)G - Sn] (5.18)

Equation 5.18 .3 plotted in fig. 5.27 for a

particular set of conditions. Until the de- sow

gree of saturation is very close to 100%, the su _ BSED ON OTTAWA SAo
- €=0.54

pore phase remains much more compressible 0•0Q -I,
W"3 u, =30 PSI

than the mineral skeleton. The effective > 4000

wave velocity is essentially that through dry o -

soil, but decreases slightly with increasing • I
S because of the increased mass. As S ap- o o.a .4 0.6 0. ,.0

proaches 100%, the effective velocity sud- DEGREE OF SATURATION

denly shoots up to that for saturated soil. Fig. 5.27 Calculated rela-
On the basis of this model, the thres- tion between dilatational

velocity and degree of
hold value of S is essentially unity. For saturation

* In Equation 5.17, it is presumed that • = S.
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any S measurably less than unity, the dilatational velocity is controlled

by the stiffness of the mineral skeleton, but is influenced somewhat by the

mass of the pore fluid.

5.6.2 Data. Most geophysicists appear to believe that the situation

shown in fig. 5.27 is actually indicative of field conditions; i.e. that

tnere is an abrupt change in dilatational wave velocity as the degree of

saturation changes from 99 to 10(0. Such a situation must exist if geo-

physical exploration using wave velocities is to detect accurately the

locatic'i of the water table. However, there seems to be little or no

direct, published evidence to substantiate this belief.

4ig. 5.28 shows results obtained in the laboratory using the pulse

technique. Four different sand-clay mixtures were involved in these tests.

Desnite the fact that the shear wave velocities through the various mix-

tures were quite different (fig. 5.21), the dicl.atational velocities at a

given degree of saturation and confining stress uere the same for all

..3000 1

t) '-
tn - 400%kaolinite

0 - 757. k'aulvnile + 25/_sand

"A -
5 07.Kaolinite + 507.sand

>• •- 25;'IKooiniie+J57".sand
u00

Woo

> 200 A 'A

a I ..
10000 10 20034

C 0
0

0.

E

10001
J0 10 20 30 40

Moisture content (percent'

Fig. 5.28 Dilatational velocity for various degrees of saturation
(f-m pulse teLts described in Report ?3)
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mixtures. Thus, the dilatational velocity appeared to bear little relation

to the stiffness of the mineral skeleton. The dilatational velocity in-

creased rapidly for degrees of saturation above 751. However, the tran3i-

tion was much more gradual than indicated by the theory in section 5.6.1.

It may well be that the pulse test using thin specimens does not give

results representative of field conditions. With very high frequencies and

thin specimens, it is conceivable that a wave simply travels through water

and mineral in a tortuous path around the air bubbles without actually com-

pressing the bubbles. As the degree of saturation increases, the travel

path becomes less tortuous; hence the travel time across a given thickness

decreases and the apparent velocity increases. Thus laboratory tests might

give the gradual transition shown in fig. 5.28 even though 5.27 were

actually the true condition. I0,000 , ,- ..

However, the available - - - - I
evidence indicates that the t, -- 11

U --

laboratory pulse technique 0 o C T!OIN SITU

gives an accurate measurement

of the in situ dilatational • __ - '

velocity (Report 17). Fig. w2 UNDISTURBED SAMPLE OF
I- ~POORLY CEMENTED , LAYEY

5.29 shows one of the resultsD FINE-GRAvNED SANSTO

ovWhen the undisturbed specimen
too

1 10 ! 00 I 00was Placed under a confining TOTAL CONFINING STRESS, PSI

stress equal to the in situ
F`ig. 5.29 Dilatational velocity through

overburden stress, the labora- partially saturated undisturbed sample.

tory test gave a velocity (Data from files of writer. The labora-
tory data points were obtained using the

identical to that which had pulse technique)

been logged in the field.

The increase in velocity with increasing confining stress results from both

increasing effective stress and increasing degree of saturation. During

the second loading, the specimen apparently was compressed to almost full

saturation. The velocity reached a level typical of a fully saturated sam-

ple. This velocity was almost constant with further increase in confining

stress, suggesting that with full saturation the change in confining stress

was producing no change in effective stress.
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These results hardly have served to clarify the re].ation between de-

gree of Aturation and dllataticna! velocity. The situation still is con-

fused, and much more study is necessary.

5.7 SUMMARY AND RECOMMENDATIONS

5.7.1 Summary of Results. The following working conclusions can be

drawn on the basis of present knowledge:

(a) The wave velccity through a dry soil depends upon the effective

confining stress a and the void ratio. The effect of factors
0

such as particle shape, size, and gradation enters primarily

through the effect of these factors upon void ratio. Wave

velocity is More or less independent of frequency.

(b) The shear and rod wave velocities through soils containing water

depend in addition -o the void ratio upon the mass of pore .qater

which moves with the mineral skeleton. For coarse saturated

sands, only about 1/3 of the pore water contributes to the effec-

tive mass. In clays, all of the pore water contributes to the

effective mass. For .comparable void ratios and effective
2 2c)i eysmlrfrbtstresses, the product os(or

strsssth podctpC (o CL) is very similar for both

sands and clays.

(c) For fully saturated soils, the dilatational velocity is primarily

the result of propagation through the pore phase and the magni-

tude of this velocity is not a good indicator of the stiffness of

the mineral skeleton.

(d) For degrees of saturation between 50 and 100%, the mechanisms by

which dilatational waves propagate through soil are still poorly

understood. Only for S < 50% can the magnitude of the dilata-

tional velocity be used to indicate the stiffness of the mineral

skeleton,

5.7.2 Present Status of Work. Much is now known concerning shear and

dilatational wave velocities through dry and saturated sands, and of the

relation between these velocities and one-dimensional compressibility.

However, knowledge is very incomplete with regard to cohesive soils,

especially partially saturated cohesive soils.
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5.7.3 Suggestions for Future Research. Two fundamental avenues of

investigation deserve high priorities:

/a) Further tests to establish the relation between shear velocity,

void ratio, and effective stress for a variety of soils, includ-

ing partially saturated soils.

(b) Purther study of the relation between degree of saturation and

dilatational wave velocity.

Ultrasonic pulse apparatus is needed for the second of these investiga-

tions, and can be used for the first. This apparatus should be rmodified to

permit better control and measurement of drainage and volume changes and to

permit measurement of pore water pressure.

Every opportunity should be taken to compare these laboratory measure-

ments of velocity with in situ measurements, and with measurements of

dynamic compressibility.
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